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Abstract 

A COMPREHENSIVE SEISMIC RESPONSE AND SLOPE STABILITY 

ANALYSIS FRAMEWORK FOR EVALUATING THE STABILITY OF 

HYDRAULIC-FILL DAMS 

Sayantan Chakraborty 

The University of Texas at Arlington, 2018 

Supervising Professor: Dr. Anand J. Puppala 

The stability and serviceability of earthen embankment structures such as dams and 

levees are extremely crucial to avoid the catastrophic consequences of the failure 

of these structures. Such man-made geo-structures are usually stable under normal 

working conditions; however, the stability and subsequent functionality may be 

affected during earthquake events. Hence, the evaluation of seismic response and 

structural stability of earthen dams  is an important facet in the field of geotechnical 

earthquake engineering. Dams and levees built in earthquake-prone regions are 

usually designed to withstand expected seismic events, and in-depth time-history-

based dynamic analyses are typically performed to assess the behavior of these 

structures during earthquakes. However, earthen dams located in regions of newly 

declared induced-seismicity, like Texas, may not have been specifically designed 

to withstand these dynamic excitations. Hence, it is imperative to evaluate the 

performance of dams and levees located in such zones of induced seismicity.  
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 In this study, the stability of the Eagle Mountain dam, an 85-year-old 

hydraulic-fill dam, located in Fort Worth, Texas, is evaluated. Historical evidence 

concerning the poor performance of hydraulic-fill dams around the world during 

earthquake events further necessitates the assessment of seismic stability of the 

Eagle Mountain dam. Moreover, there is an inherent variability associated with the 

material properties along the body of the dam due to the hydraulic-fill method of 

construction that is not often captured in the traditional method of analysis. In this 

research, a framework is developed to study the seismic response and stability of 

hydraulic-fill dams incorporating the effect of material variability and induced 

seismicity. Three-dimensional models of the dam, depicting the variations in 

different shear strength properties, were developed by interpolating the in-situ test 

results using geostatistics-based kriging analysis. These models along with 

additional available bore log information were used to assign the material properties 

to the finite-element models of the dam.  

 In the absence of earthquake time-history data recorded at the dam site, a new 

natural-frequency-based approach was devised to select the acceleration-time data 

required for the analysis. A novel method was also developed to determine the 

strain-dependent natural frequency of the earthen embankment structures.  To 

comprehensively characterize the performance of the dam in the event of probable 

earthquakes, a broad spectrum of earthquake data having varying peak 

accelerations and frequency contents were selected. Extensive stability analyses, 
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including static, pseudo-static, Newmark deformation, and dynamic analyses, were 

performed to identify the critical sections of the dam. A reliability-based pseudo-

static analysis and a sensitivity analysis were also performed to gauge the effect of 

uncertainty associated with the estimation of the strength parameters and small 

strain shear modulus of subsurface layers, respectively.  

 Results indicate that the dam is safe under static conditions and during 

earthquakes with peak ground accelerations (PGA) of 0.02g, similar to what the 

dam has already experienced in the past. Moreover, the dam is expected to be safe 

during earthquakes with PGA less than 0.09g, provided that the predominant 

frequency of the earthquake is not close to the natural frequency of the dam. Some 

parts of the upstream shell and foundation sand layers, especially near the toe of 

the dam, may liquefy. However, flow liquefaction of the foundation sand layers is 

not expected to happen. The middle portion of the dam, from stations 14.5 to 27, 

were found to be the most critical, based on the results of the pseudo-static and 

dynamic analyses.  

 

Keywords: Hydraulic-fill dam, seismic response, SASW, slope stability, 

liquefaction, natural frequency, reliability analysis. 
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1. Chapter 1: Introduction 

1.1 Overview 

Earthen dams and levees are crucially important structures whose stability is of 

paramount importance to geotechnical engineers (Chowdhury et al. 2009; FEMA 

2017; Seed et al. 1978). These water-retaining structures are designed to withstand 

the hydrostatic pressure of the impounded water and are usually stable under 

normal working conditions. However, during seismic events, the induced forces 

may affect the structure and have a detrimental effect on its stability and 

serviceability (Chatterjee and Choudhury 2014; Choudhury et al. 2007; Fell et al. 

2005; Hack et al. 2007; Meehan and Vahedifard 2013; Seed and Martin 1966; Seed 

1981). Thus, seismic response and stability analysis are performed for different 

probable earthquake scenarios to evaluate the stability of the structure and 

determine the conditions which may hamper its integrity and serviceability (Tezcan 

et al. 2001). Such stability analysis can facilitate engineers to determine the possible 

reasons of failure of a dam, modify the design requirements in case of building a 

new dam or take proactive remedial measures to ensure the stability of an existing 

dam (Babu et al. 2007; Mejia et al. 2005). 

Slope stability analysis is one of the oldest types of geotechnical 

engineering problems (Duncan et al. 2014). The stability analysis techniques 

evolved over the years from the simple hand-calculation-based ordinary method of 
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slices and analysis using design charts (Baker 2003; Taylor 1937) to limit 

equilibrium method and numerical approaches using commercially available 

software packages (Duncan 1996; Jibson 2011; Steward et al. 2011). With the 

advent of computers, the tedious hand-calculation-based problems can be easily 

solved using these software packages (Duncan 1996). Numerical approaches such 

as finite element and finite difference methods enable engineers to perform wide 

spectrum of stability analyses on earthen embankment structures, with varying 

geometric configurations, material properties, incorporate the effect of seepage of 

water, include different seismic loading conditions and account for the associated 

increase in pore water pressure during earthquakes (Chopra 1967; Clough and 

Chopra 1966; Jibson 2011; Yu et al. 1998).  

Numerical modelling using advanced constitutive models can perform 

coupled non-linear analysis, which incorporates the effect of increase in excess pore 

water pressure and associated deformations during the earthquake, resulting in 

changes in material properties at the time of shaking (Elia et al. 2011; Prevost et al. 

1985; Xia et al. 2010; Yiagos and Prevost 1991). Although these types of analyses 

can capture the actual behavior of the geomaterials during an earthquake event, it 

requires sophisticated constitutive models and high quality field and laboratory test 

data for model calibration (Aydingun and Adalier 2003; Montgomery et al. 2014); 

both of which are seldom available in the case of real projects (Cascone and 

Rampello 2003; Elia et al. 2011; Jibson 2011). Hence limit equilibrium analysis 
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and pseudo-static approach still remain as the preferred analysis tools among the 

practicing engineers, at least for preliminary analysis (Cheng et al. 2007; 

Choudhury et al. 2007; USSD 2007).  

Commercially available software packages have made it easy to perform 

the slope stability analysis for practicing engineers. However, the efficacy of the 

analyses results depends on the accuracy with which the numerical model portrays 

the actual field conditions (Cascone and Rampello 2003). The external geometric 

configuration of the dam can be modelled with acceptable accuracy in the software 

using the as-built drawings of the dam, or data obtained from simple surveying and 

levelling techniques, or with the aid of advanced techniques such as LiDAR scans 

or aerial photography using UAVs (Shafikhani 2018; Shafikhani et al. 2017, 2018). 

However, the principal challenge in numerical modelling lies in defining the 

material properties of the dam and incorporating the effect of heterogeneity and 

changes in the material property at different sections of the dam. The embankment 

structure is often idealized as a zoned structure with the respective representative 

material properties assigned to the individual zones (Babu et al. 2007; Boulanger 

and Montgomery 2016; Pelecanos 2013; Tezcan et al. 2001). The accuracy of a 

subsequent analysis result may be questionable since this crude approximation in 

assigning averaged values of different material properties, at different segments of 

a dam section, may not portray the actual field conditions.  
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The most important properties used for seismic slope stability analysis 

includes the small strain shear modulus, damping ratio and strength parameters 

such as the cohesion intercept, friction angle and the undrained shear strength 

(Cascone and Rampello 2003; Hack et al. 2007). These parameters are not intrinsic 

properties of a geomaterial, rather they are dependent on the conditions which a 

soil layer experiences under field conditions (Holtz and Kovacs 1981; Kramer 

1996). The behavior of a soil and the material properties which it exhibits is highly 

dependent on the stress state of the soil layer. Hence assuming uniform material 

property throughout the core or the shell of the dam, near the crest as well as at 

deeper layers close to the foundation, does not represent the field condition and 

may lead to an erroneous result in a stability analysis. Extensive laboratory and in-

situ test results along with advanced interpolation techniques are thus required to 

capture the variation in material properties along the dam and accurately model the 

scenario using a commercially available software.  

The extent of material variability along different sections of the dam 

depends on the construction method employed to build the dam. Unlike 

homogeneous dams or zoned earthen dams, the degree of material variability is 

significantly high in case of tailing dams and hydraulic-fill dams (Boulanger and 

Montgomery 2016; Popescu et al. 1997). Hence assuming similar material 

properties over different zones of the dam may lead to a high margin of error while 

analyzing a hydraulic-fill dam. In-situ tests conducted along the dam can provide 
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important information on the extent of variation in different material properties. 

Additional laboratory tests on undisturbed samples, collected from different 

locations of the dam, can furnish important complementary information in addition 

to those obtained from in-situ tests (Babu et al. 2007). Although the accuracy of the 

analysis results increases with the availability of high-quality test data, it is 

practically impossible to perform a high number of field tests due to budget 

constraints (Chakraborty et al. 2017a). The material properties at other locations of 

the dam, where the test results are unavailable, is either assumed to be same as that 

of the nearest section or are obtained by interpolating the data from the adjacent 

sections, where test results are available. Hence it is expected that enhancing the 

quality of the interpolation technique can be useful in improving the efficacy of the 

analysis.  

The values of different material properties obtained from in-situ tests 

depend on the correlations used to interpret the test results and the accuracy of the 

laboratory tests on undisturbed samples rely on the exactness of the conditions used 

to simulate the actual field stress state (Chaney et al. 1996; Suits et al. 2005).  A 

significant amount of engineering judgement, based on prior experience, is thus 

required in such cases and a considerable degree of uncertainty is always associated 

with estimating the material properties (Babu and Srivastava 2010; Boulanger and 

Montgomery 2016; Duncan 2000; Griffiths et al. 2010; Wolff 1996; Xiong and 

Huang 2017; Zhenyu et al. 2015). A reliability-based analysis or a sensitivity 
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analysis can provide important information on the impact of erroneous estimation 

of different material properties and the effect of the associated uncertainties in these 

properties (Babu et al. 2007; Baecher and Christian 2005; Garevski et al. 2013; 

Liang et al. 1999; Yegian et al. 1991). Besides estimating the material properties, 

earthquake time-history data depicting the variation of acceleration with the time 

of earthquake is also required for performing a seismic slope stability analysis 

(Cascone and Rampello 2003; Cetin et al. 2005). 

The earthquake time-history data is readily available for earthen dams 

located in earthquake-prone regions, which has a history of previous earthquakes. 

In case of dams located in new, induced seismicity zones, previous earthquake data 

is rarely available. However, it is imperative to check the stability of the earthen 

dams under probable seismic events and take proactive measures to avoid any 

catastrophic consequences. Selecting an earthquake time-history data becomes a 

challenging task in such cases and a rational approach is required in deciding the 

time-history data to be used for performing a Newmark deformation analysis or a 

time-history-based dynamic analysis. All earthquake excitations don’t affect an 

earthen dam to the same extent (Crespellani et al. 1998; Tezcan et al. 2001). The 

response of a structure to a seismic excitation depends on its natural frequency, 

which is primarily dependent on the geometric configuration and the material 

properties of the dam (Hack et al. 2007). The vibration is amplified, due to strong 

resonance conditions, when the predominant frequency of the seismic excitation is 
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close to the natural frequency of the structure (Chakraborty et al. 2019b; Parish et 

al. 2009; Zhu and Zhou 2010).  Thus earthquake time-history data of two different 

earthquakes, having the same peak acceleration and duration of excitation, will 

have different effects on the response and stability of the structure, if the 

predominant frequencies are widely different. 

In this study, the seismic response and stability analysis of the eighty-five 

years old Eagle Mountain (EM) dam in North Texas is performed. The dam is 

located on the West Fork Trinity River in Tarrant County, Texas, USA. The 

construction of this 26m high and 1463m long dam started in January, 1930 and 

was completed in October, 1932 (TRWD 2016). The dam was partially built by 

wetting and rolling the soil and partly by the hydraulic-fill method of construction. 

Series of laboratory and field test results were available along the crest, slopes and 

downstream toe of the dam from previous ground investigation studies conducted 

at the dam site. Piezocone penetration tests with pore pressure measurements 

(CPTu), spectral analysis of surface waves (SASW) tests and laboratory test results 

suggested a high degree of material variability along the length of the dam, owing 

to the hydraulic-fill method of construction. A framework is established as a result 

of this study to perform seismic stability evaluation of highly heterogeneous 

hydraulic-fill dams located in new, induced-seismicity zones.  
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1.2 Motivation 

Even a decade ago, Texas was not considered to be a high seismicity zone. There 

were no significant earthquake excitations which may cause alarming 

consequences on dams and levees located in Texas. However, in 2016, United 

States Geological Society (USGS) declared Oklahoma-Kansas, the Raton Basin, 

North Texas, North Arkansas, and New Madrid to be high seismic hazard zone due 

to a rapid increase in the number of M3+ earthquakes (Figure 1-1) because of 

induced seismicity (USGS 2016). This necessitates taking proactive measures to 

study the stability of old earthen dams which may not have been specifically 

designed and built to withstand these new, induced earthquake excitations. The 

study was performed on the 85 years old Eagle Mountain dam located in North 

Texas, which is owned and operated by Tarrant Regional Water District (TRWD). 

The Eagle Mountain Dam is a hydraulic-fill dam, which has a great extent of 

variability in material properties due to the hydraulic-fill method of construction. 

Hydraulic-fill dams around the world have a history of unsatisfactory performance 

in withstanding seismic events (Heinz 1976; Küpper 1991; Mejia et al. 2005; Seed 

1981). Hence it was necessary to evaluate the stability of the dam under different 

earthquake conditions and determine the probable problematic sections of the dam, 

which may be detrimental to the stability and serviceability of the structure during 

seismic events.  
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The purpose of this research study is to develop a comprehensive 

framework to perform seismic response and stability analysis of a highly 

heterogeneous hydraulic-fill dam, incorporating the effect of material variability 

and induced seismicity. Most of the methods developed as a part of this study and 

the findings of the research will be of interest to researchers and are expected to be 

especially useful to practicing engineers.  

 

Figure 1-1: Number of M3+ earthquakes in central USA  

 (Source: https://earthquake.usgs.gov/research/induced/overview.php) 

 

 

https://earthquake.usgs.gov/research/induced/overview.php
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1.3 Research objective 

The objective of the dissertation study is to develop a framework for performing a 

seismic response and stability analysis of hydraulic-fill dams located in newly-

declared induced-seismicity zones and evaluate the performance of such dams 

during probable seismic events. The research also focuses on addressing several 

issues usually faced while performing a seismic response and stability analysis.  

A typical stability analysis begins with the determination of different 

material properties of the dam, which are used as input parameters for the analysis. 

These properties are determined from a limited number of in-situ tests or laboratory 

tests on extracted soil samples. The strength parameters are usually obtained from 

in-situ tests (CPT or SPT correlations) or by performing laboratory tests (triaxial or 

direct shear tests) on soil samples. However, it is practically impossible to extract 

soil samples at each and every location of the dam. Hence interpolation techniques 

are used to assess the material properties at different locations of the dam where 

test results are not available. As a part of this project, three-dimensional 

visualization models of the dam were generated using geostatistics-based kriging 

analysis. These models are then used to assign material properties for analyzing the 

stability of different sections of the dam. 

Besides obtaining the strength parameters, stiffness properties such as small 

strain shear modulus are of paramount importance for performing seismic response 
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and stability analysis. Small strain shear modulus is often determined by spectral 

analysis of surface waves (SASW) test, a non-intrusive and non-destructive test 

based on dispersive nature of Rayleigh waves. However, performing a SASW test 

on the field requires several numbers of trials to obtain acceptable test data, based 

on ‘coherence’, which is a measure of the quality of a particular test. It is hence 

necessary to develop a method to improve the efficiency of the SASW test and 

obtain high-quality data.  

The analysis results and the inferences drawn from these results solely 

depend on the accuracy of the estimated strength and stiffness properties. The 

estimated values of a given material property in-turn depend on the testing 

technique and on the type of correlations used for interpreting the CPT or SPT test 

data. Moreover, the analysis is at times performed with assumed material properties 

assessed by the engineer, solely based on his/her experience. All these 

circumstances, in addition to the inherent heterogeneity of the dam materials, can 

lead to inaccurate analysis result. It is thus necessary to study the effect of erroneous 

estimation of different material properties on the analysis using sensitivity analysis 

and reliability-based analysis.  

Real earthquake time-history data is required to perform the seismic 

response and stability analysis of an earthen dam, which was however not available 

for the EM dam site. Hence a natural-frequency-based approach is required to select 
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the earthquake time-history data. The existing methods used to determine the 

natural frequency of an earthen embankment structure can be used to determine the 

natural frequency at low strain levels. However, during real earthquake events, the 

body of the dam experiences different strain levels, which is associated with 

changes in shear modulus and damping ratio. Determining the natural frequency at 

low strain levels cannot portray the behavior of a dam during real earthquake 

conditions. Hence a method is required to determine the strain-dependent natural 

frequency of an earthen embankment structure, incorporating the effect of non-

linear behavior of the material.  

1.4 Organization 

The dissertation consists of seven chapters.  

Chapter 1 contains the introduction, an overview of the topic, motivation and need 

for the study, and the objectives of the research.  

Chapter 2 summarizes the salient information gathered from the literature 

reviewed. This chapter provides an overview of different types of earthen dams, 

especially hydraulic-fill dams. The construction procedure of hydraulic-fill dams is 

also elucidated. Methods for determination of small strain shear modulus and the 

associated uncertainty is discussed. Finally, the natural frequency determination 

methods and the existing methods for performing the static and seismic stability 

analysis is presented.  
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Chapter 3 presents the developed analysis framework and the methodology of the 

research. 

Chapter 4 describes the method developed to improve the quality and repeatability 

of the SASW test and presents the shear wave velocity profiles at different sections 

of the Eagle Mountain dam. These shear wave velocity profiles will be later used 

in Chapters 5 and 6 for determination of natural frequency of the dam and 

evaluating the stability of its slopes during seismic events, respectively. 

Chapter 5 explains the novel method developed to determine the strain-dependent 

natural frequency of earthen embankment structures such as dams and levees. The 

variation of natural frequency along the length of the dam is presented in this 

chapter. The estimated natural frequencies, presented in this chapter, will be used 

in Chapter 6 to select the earthquake time-history data, used for performing seismic 

slope stability analyses. 

Chapter 6 presents the results of a comprehensive seismic slope stability analysis 

performed for EM dam, incorporating the effect material variability. The critical 

sections of the dam are also identified based on the static, pseudo-static, Newmark 

deformation analysis and earthquake time-history-based dynamic analysis. The 

results of the reliability-based pseudo-static analysis and the expected performance 

level of the different sections of the dam, under probable earthquake conditions, are 

also presented. 
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Chapter 7 enunciates the importance of an additional sensitivity analysis to 

comprehend the impact of uncertainty associated with the estimation of small strain 

shear modulus, of different layers of an earthen embankment structure, on its 

seismic response and stability analysis.  

Chapter 8 summarizes the findings of the study, applications of the developed 

framework and scope for future studies.  
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2. Chapter 2: Literature Review 

2.1 Earthen dams 

Dams are important engineered infrastructure which offers a wide range of social, 

economic and environmental benefits and is essential for the development of any 

nation (Tortajada 2015). These mega-structures provide flood control, water 

storage for irrigation purposes, electricity generation, recreational sites and 

navigation by inland water transportation (FEMA 2018). Dams are primarily 

classified into concrete dams and earthen dams, based on the material used for 

construction (Caballero 2017; Pelecanos 2013). A brief overview of earthen dams 

is provided in this section, with emphasis on the construction techniques of 

hydraulic-fill dams.   

Earthen dams are made up of geomaterials, which are designed and 

constructed in different ways based on the function it serves, materials available 

from borrows, quarries or mining wastes, and suitability for a particular site. 

Earthen embankment dams can be classified into three major categories: 

homogeneous earth-fill dams, zoned earth or rock-fill dams and upstream 

membrane dams (National Research Council 1983; MacGregor et al. 2014; 

Pelecanos 2013).  

As the name suggests, homogeneous earth-fill dams are primarily made up 

of the same type of soil having similar material properties. Whereas a zoned earthen 
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dam has different zones made up of earth or rock-fill, and each zone serves a 

specific role towards the stability and serviceability of the structure (MacGregor et 

al. 2014).  

Homogeneous earth-fill dams are probably the simplest and oldest design 

type and are rarely used in practice for large dams. These dams were built in ancient 

times when advanced technology and construction tools were unavailable 

(Pelecanos 2013). Figure 2-1 and Figure 2-2 presents typical schematic diagrams 

of different earth-fill dams, rock-fill and concrete-faced membrane dams. The 

function of the different zones marked in these figures is described in Table 2-1.  

A zoned earth-fill dam consists of a zone of fine-grained soil which 

primarily controls seepage of water through the dam, and the earth-rockfill zone 

provides lateral support and stability (Fell et al. 2005). The filter drains controls 

erosion caused by seepage of water and facilitates in the dissipation of the excess 

pore water pressure. The grout curtain also plays an important role in reducing 

seepage and enhancing the stability of the structure. 

Figure 2-3 shows some of the earlier construction techniques of 

embankment dams which are currently not followed in practice. One of these 

methods of construction is hydraulic-filling the dam embankment by transporting 

the soil as a suspension in water and depositing the slurry along the outside edges 

of the embankment. This method of construction was widely followed in the late 
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19th century and the early 20th century in Russia, Canada and the United States 

(Küpper 1991). Although the hydraulic-fill method of construction is not continued 

any longer in the USA, there are several hydraulic-fill structures which are still in 

service. The following section describes the hydraulic-fill method of construction 

and presents the history of the performance of some hydraulic-fill dams around the 

world, during seismic events. 

Table 2-1: Description and function of different zones of embankment dams 

 (after Fell at al. 2005) 
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Figure 2-1: Typical cross-sections of earth-fill dams  

(after Fell at al. 2005) 
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Figure 2-2: Typical cross-sections of earth-fill, rock-fill and concrete face dams 

 (after Fell at al. 2005) 
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Figure 2-3: Typical cross-sections of some earlier types of dam 

 (after Fell at al. 2005) 

2.2 Hydraulic-fill dam 

2.2.1 Construction process 

Hydraulic-fill method of construction was a widely used technique, for building 

earthen dams in Canada, USA and Russia (Küpper 1991; Melent’ev 1980; Vick 

1996; Wiltshire 2002), in the late 19th century and the early 20th century (Valenzuela 

2015, 2016). In those days, sophisticated construction tools and techniques were 
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not available and hence hydraulic-fill method was a viable option for constructing 

embankments with the borrow area close to the site. In the ‘true’ hydraulic method 

of construction, the borrow soil was excavated using shovels, draglines, dredges 

and hydraulic monitors, mixed with water and transported as a suspension through 

flumes, and discharged along the outer edges of the embankment through single 

point discharge or multiple spigots (Figure 2-4) (Heinz 1976; Küpper 1991; Vick 

1996; Wiltshire 2002). The semi-hydraulic-fill method was used at sites where 

water supply was not favorable for transporting the borrow soil. In such cases, the 

soil was hauled to the site by some other suitable means, mixed with water and 

placed in the embankment similar to the ‘true’ hydraulic-fill method (Heinz 1976). 

The outer edges were built at first to form a deposition basin in the middle, where 

the core of the dam would eventually be formed (Figure 2-4 and 2-5). The outer 

edges of the embankment acted as starter dykes which contained the deposited 

slurry and allowed free drainage of the excess water.    

 

Figure 2-4: Discharge of slurry through spigots in hydraulic-fill construction 

 (after Valenzuela, 2016) 
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After the slurry was discharged from the flumes, the ingredient soil particles 

settled down due to gravity based on the grain size. The coarse-grained particles 

got deposited at first, close to the point of discharge and formed the shell of the dam 

(Figure 2-5 and Figure 2-6). Whereas, the fine-grained clay particles were held in 

suspension for the longest time and got deposited near the center of the 

embankment to form the water-tight core (Vick 1996). The silts formed the 

transition zone between the clayey core and sandy shell of the embankment dam. 

The deposited soils were not rolled and compacted, rather the embankment got 

compacted gradually due to gravity as the excess water drained through the 

permeable shell.  

The rate of construction was an important decisive factor while constructing 

a hydraulic-fill dam. There had been several incidents where the dam failed during 

the time of construction due to improper drainage and build-up of excess pore water 

pressure (Küpper 1991). In March 1918, the Calaveras Dam in California had faced 

a similar fate during construction, when the still-fluid clay core spilt out through 

the upstream face into the reservoir (Jansen 2012). Although many hydraulic-fill 

dams around the world have performed satisfactorily during its design life, there 

have been several events where the hydraulic-fill dams have failed during seismic 

events (Heinz 1976; Küpper 1991; Morgenstern and Küpper 1988; Seed 1981; 

Valenzuela 2016; Vick 1996). 
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Figure 2-5: Formation of shell and core of a hydraulic-fill dam 

 (Source: http://community.dur.ac.uk/~des0www4/cal/dams/cons/conss4.htm) 

 

 

Figure 2-6: Eagle Mountain dam in Texas built by hydraulic-fill method with the 

aid of starter dykes 

 (Courtesy TRWD) 

 

http://community.dur.ac.uk/~des0www4/cal/dams/cons/conss4.htm
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2.2.2 Earthquake resilience of hydraulic-fill dams 

There have been several incidents in the past when these hydraulic-fill dams failed 

during earthquakes (Heinz 1976; Seed 1979, 1981). Several hydraulic-fill dams, 

including the El Cobre dams in Chile, which is one of the most earthquake-prone 

countries in the world, failed due to the March 1965 earthquake (Dobry and Alvarez 

1967). The Mochikoshi tailing dam in Japan failed due to liquefaction during the 

Izu-Ohshima-Kinkai earthquake in 1978 (Ishihara 1984). Some hydraulic-fill dams 

also failed following the March 1985 earthquake in Chile (Troncoso 1988). 

However, there have been instances when hydraulic-fill dams were even able to 

withstand strong ground motions, without any catastrophic failures (Ambraseys 

1960a). Dashishe dam in China is one such example which did not experience a 

catastrophic failure during the M 7.8 Tangshang earthquake in 1975 (Küpper 1991). 

The dam was located 15km and 40km from the epicenters of the two main shocks 

and was able to bear the earthquake with some cracks, sand boils and water sprouts.  

One of the most studied cases of failure of hydraulic-fill dam is that of the 

lower and upper San Fernando Dam in California, USA, which incurred extensive 

damage due to the M 6.6 earthquake of February, 1971 (Castro et al. 1985, 1992; 

Gu et al. 1993; Heinz 1976; Seed 1979, 1981; Seed et al. 1975a; b, 1978). The 

upstream shell of the lower San Fernando Dam, which was constructed by the 

hydraulic-fill method, suffered a sliding failure and was followed by a subsequent 

collapse of the core and top 9m (30ft) of the downstream slope (Seed 1979; Seed 
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et al. 1975a). The Upper San Fernando Dam also incurred some damages, although 

it was not as catastrophic as that of the lower dam. The upper dam had moved 1.5 

to 2m (5 to 7ft) towards the downstream side, due to the earthquake (Seed 1979, 

1981). Extensive field tests, laboratory tests and research studies were performed 

on these dams to comprehend the behavior of hydraulic-fill earthen dams during 

earthquakes and re-assess the efficacy of the analysis methods, which were then 

used in practice (Seed 1979, 1981).   

Before the San Fernando earthquake of 1971, engineers mostly assumed 

earthen dams to be inherently stable to earthquake loading. Pseudo-static method 

of analysis, which approximates the earthquake loading in terms of a constant 

horizontal body force on the slip surface, was the most common method of 

assessing the seismic stability of the slopes. Five years before the 1971 earthquake, 

a reputed agency performed pseudo-static analysis on the lower San Fernando Dam 

and declared it to be stable (Seed 1979). Pseudo-static analysis with a seismic 

coefficient of 0.15 (i.e. an additional constant horizontal force of 0.15 times the 

weight of the slip surface) resulted in a factor of safety of 1.3 for the lower dam and 

between 2 to 2.5 for the upper dam (Figure 2-7 and 2-8) (Seed 1979). Although 

pseudo-static analysis suggested that both the dams were stable to seismic loading 

conditions, in reality, the dams were extensively affected by the 1971 San Fernando 

earthquake. Extensive research identified liquefaction of sand layers to be the 

primary reason behind the observed failures. 



50 

 

 
 

Figure 2-7: Factor of safety for pseudo-static analysis of lower San Fernando dam 

 (after Seed 1979) 

 

 
Figure 2-8: Factor of safety for pseudo-static analysis of upper San Fernando dam 

 (after Seed 1979) 

Results from dynamic finite element analysis, performed with material 

properties determined from laboratory and field tests, suggested that extensive 
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zones of the upstream shell and some portions of the downstream shell liquefied 

(marked in black in Figure 2-9). The dam did not fail during the earthquake shaking, 

hence it was inferred that inertia forces were not the reason behind the failure of the 

dam (Seed 1979). The pore pressure parameter (ru = change in pore water pressure/ 

initial effective confining pressure) reached unity in the portion of the dam marked 

with black in Figure 2-9, and hence the corresponding shear strength dropped to 

zero due to liquefaction (Figure 2-10). 

 

Figure 2-9: Zones of failure due to liquefaction in lower San Fernando dam 

(after Seed 1979) 

The dense sand near the toe of the dam showed dilative behavior during 

shearing and the undrained strength was estimated to be 3,600psf (170kPa). 

Stability analysis with these parameters suggested a static factor of safety of 1.4, 

and hence the dam did not fail during the earthquake shaking (Figure 2-10). 
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Figure 2-10: Post-earthquake factor of safety of lower San Fernando Dam 

 (after Seed 1979) 

However, after the shaking seized, the excess pore water pressure got 

redistributed and moved towards the zone which showed dilative behavior during 

shaking. This post-earthquake redistribution of pore water pressure resulted in an 

increase in pore water pressure near the upstream toe (Seed 1979, 1981). A 

subsequent post-earthquake drained analysis suggested a decrease in shear strength, 

as shown in Figure 2-11. The computed factor of safety after redistribution of pore 

water pressure dropped to 0.8, which supports the sliding failure of the upstream 

shell of the dam. 

The shell of the dam provides support and stability to the inner core and 

hence the sliding failure of the shell resulted in instability of the core (Figure 2-12). 

A stability analysis with representative strength properties showed a factor of safety 

of 1.03, which supports the observed failure of the core and 30ft of the upstream 
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slope (Figure 2-13). It was inferred that the pseudo-static analysis should not be 

used to evaluate the stability of an earthen structure where there are chances of 

significant strength loss (>15%) and development of excess pore water pressure 

(Seed 1979).  

 

Figure 2-11: Factor of safety of lower San Fernando Dam short term after 

earthquake 

 (after Seed 1979) 

 

 

Figure 2-12: Failure of upstream shell of lower San Fernando 

(after Seed 1979) 
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Figure 2-13: Progressive failure of core and downstream slope of lower San 

Fernando Dam 

 (after Seed 1979) 

A step-by-step guide was provided by Seed (1979) to analyze similar dams. 

The steps involve (a) determining the geometry and material properties of the dam; 

(b) selecting appropriate earthquake time-history data; (c) evaluating the initial 

static stress condition of the dam before the earthquake, using numerical methods, 

such as finite element analysis; (d) determining dynamic properties of soil such as 

small strain shear modulus and damping ratio, along with their variations at 

different strain levels; (e) computing earthquake induced stresses in the dam using 

a suitable software; (f) performing laboratory tests on representative soil samples 

under similar initial and earthquake-induced stress conditions and determine the 

excess pore water pressure and associated permanent strains and (g) using the 

obtained laboratory results to assess the stability slopes during seismic events using 

dynamic finite element analysis and estimate the deformation incurred due to 

seismic loading. 
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The analysis performed by engineers on the stability of existing structures 

are mere speculations on the probable behavior of the structure. Unfortunately, 

engineers and researchers are able to validate the theories and reasons behind the 

failure of a structure, only when a structure fails (Seed 1979). However, the efficacy 

of the analysis results depends on the accuracy with which the material properties 

are estimated and the exactness with which the probable behavior of the geo-

materials is predicted.  

The following section presents the material properties required to perform 

a dynamic analysis. Special emphasis is provided to the shear modulus 

determination techniques and the variability in the estimated Gmax values since it is 

the most important parameter which governs the seismic response of earthen dams. 

Spectral analysis of surface waves (SASW) was used to determine the shear wave 

velocity profile of the dam by conducting tests along the crest of the EM dam. 

Hence the SASW test principle, testing procedure, and the analysis steps were 

reviewed and are discussed in detail. 

2.3 Material properties for dynamic analysis 

2.3.1 Small strain shear modulus (Gmax) 

Shear wave velocity (Vs) and small strain shear modulus (Gmax) are important 

fundamental soil properties, which are widely used in geotechnical engineering 

problems related to dynamic loading conditions (Chaney et al. 1996; Kayen et al. 
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2013; Mayne and Rix 1995). These parameters are used for estimating the response 

of earthen structures such as dams and levees subjected to earthquake loading 

conditions, assess the stability of slopes and evaluate soil liquefaction potential 

(Gazetas 1981; Kayen et al. 2013; Piao et al. 2006; Raptakis and Makra 2015). The 

maximum shear modulus (Gmax) corresponds to the shear modulus of the soil at 

strain level less than  0.001% (Mayne and Rix 1995; Robertson et al. 1986b; Stokoe 

et al. 1991). Maximum shear modulus is related to the shear wave velocity as shown 

in equation 2.1. Shear wave velocity can be estimated by different methods, such 

as laboratory tests on undisturbed soil samples, in-situ tests or by using empirical 

or semi-empirical correlation equations.  

𝐺𝑚𝑎𝑥 =  𝜌. 𝑉𝑠
2

  ,                                                                                                                 (2.1) 

where ρ is the bulk density of the soil 

2.3.1.1 Shear modulus determination methods 

Laboratory tests include bender element tests or resonant column tests on 

undisturbed soil samples, performed under similar confining pressure conditions as 

expected in the field (Chaney et al. 1996; Suits et al. 2005; Youn et al. 2008). 

However, sample disturbances and incorrect estimation of the stress state of the soil 

under in-situ condition may lead to erroneous estimation of Gmax, with a difference 

of 100% or more as compared to field test results (Anderson et al. 1978; Hryciw 

1990). However, the best method to estimate these parameters is to conduct in-situ 
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tests with minimum soil disturbance (Hryciw 1990; Mayne and Rix 1995). Thus, 

the tests conducted under field conditions are expected to provide a better estimate 

of the Gmax values. The in-situ tests include invasive methods such as cross-hole 

test, down-hole test, suspension logging test, or seismic cone penetration test 

(SCPT) (Hryciw 1990; Mayne and Rix 1995; Moss 2008; Robertson et al. 1986b); 

and non-invasive techniques such as spectral analysis of surface waves (SASW), 

multichannel analysis of surface waves (MASW), frequency-wavenumber method 

(f-k method), spatial auto correlation, refraction microtremor (ReMi), seismic 

reflection/refraction test or microtremor array measurements (MAM) (Hiltunen and 

Woods 1988; Marosi and Hiltunen 2004; Moss 2008; Stokoe et al. 1991).  

Under certain circumstances, such as economic constraints or unavailability 

of specialized equipment, Gmax is estimated using semi-empirical or empirical 

correlations (Mayne and Rix 1995). Semi-empirical correlations relate Gmax to 

mean effective stress, void ratio, relative density, plasticity index, over 

consolidation ratio, and other factors which influence the shear wave velocity of 

soil (Hryciw 1990; Kramer 1996; Robertson et al. 1995; Seed and Idriss 1970; Seed 

et al. 1986). The values of Vs or Gmax can also be estimated from empirical 

correlations with standard penetration tests (SPT), cone penetration tests (CPT), 

dilatometer test (DMT), pressuremeter test (PMT) or Becker penetration test (BPT) 

(Ahmed 2016; Akin et al. 2011; Hryciw 1990; Kramer 1996; Robertson and Cabal 

2015; Rollins et al. 1998). A vast database of Vs (or Gmax) values for different types 
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of soil from around the globe and their corresponding test results (SPT, CPT, BPT, 

DMT, PMT, etc.) were used by researchers to perform regression analysis and 

obtain these correlations. The choice of a particular method for determining the 

subsurface shear wave velocity profile depends on several factors including the type 

and importance of the project, associated cost and budget, and expertise and 

experience of engineers. 

2.3.1.2 Variability in estimated Gmax values 

There are various methods for estimation of Gmax, however, a significant difference 

is observed in the results obtained by these methods. Several researchers have 

studied the intra-method and inter-method variability in estimated Gmax values. The 

inherent variability and heterogeneity of subsurface soil layers, the fundamental 

difference in the philosophy behind different testing methods, and the difference in 

interpretation of results by individuals primarily lead to the variability in the 

estimated Gmax values obtained from different methods (Moss 2008). Moreover, the 

extent of the difference in estimated Vs varies with depth and complexity of 

subsurface soil profile (Marosi and Hiltunen 2004; Moss 2008; Raptakis and Makra 

2015). Robertson et al. (1986) reported that Vs obtained from CPT downhole tests 

was consistently higher than those obtained from the crosshole tests by a margin of 

20%, leading to a deviation of about 40% in the estimated Gmax values. The average 

error in Gmax obtained using empirical correlations with Dilatometer test was found 

to be around 23% (Hryciw 1990). A study by Mayne and Rix (1995) showed that 
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Vs obtained from CPT correlations deviated from those obtained using SASW test; 

with an error margin upto 50%. The difference in the Vs profile was found to 

decrease with prior knowledge about the void ratio profile of the site. However, 

such an information is seldom available beforehand for any projects.  

Correlation equations used to obtain shear wave velocity from equivalent 

N60 from Becker penetration test was reported to vary within a margin of ± 30% of 

that obtained from field tests (Rollins et al. 1998). The deviation was found to be 

as high as ± 50% in some cases. The intra-method variability for SASW tests was 

reported to have a coefficient of variation of 5-6%, while those for downhole tests 

and SCPT varied from 1 to 3% (Moss 2008). The study by Moss (2008) also 

provides an excellent compilation of inter-method variability (using various 

invasive and non-invasive field testing techniques) in the estimated Vs, reported by 

several researchers. A maximum difference of 60% was reported for shear wave 

velocity obtained using two different techniques (Asten and Boore 2005). Other 

studies have stated that the margin of error in estimating shear wave velocity may 

vary from -30% up to +110% (Ahmed 2016; Raptakis and Makra 2015).  

The aforementioned in-situ tests are mostly conducted on the crest of the 

dam; hence simplifying assumptions have to be made regarding the Gmax of the shell 

of the dam. The dam is often idealized to consist of horizontal layers, and the 

material is assigned with the Gmax values obtained from in-situ tests conducted on 
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the dam crest (Pelecanos 2013). In some cases, the shell of the dam is considered 

to have uniform Gmax properties (Cetin et al. 2005; Parish et al. 2009), whereas 

some analyses assume Gmax to increase as a function of effective mean stress 

(Tsiatas and Gazetas 1982).  

The existing literature hence provides some insight on the possibility of 

erroneous estimation (both underestimation and overestimation) of Vs using 

different methods available. Although the extent of deviation of the estimated Vs 

may depend on the testing technique or correlations used and vary from one site to 

another, it is evident from the available literature that a significant uncertainty 

remains in the estimation of shear wave velocity profile and small strain shear 

modulus. Since the shear wave velocity and small strain shear modulus are 

important parameters in seismic response analysis and seismic slope stability 

analysis of earthen structures like dams and levees, it is expected that error in the 

estimation of Gmax will affect the behavior of the structure to dynamic loading.  

The shear wave velocity profiles (and Gmax values) at the dam site were 

determined using SASW test. Hence extensive literature was reviewed to 

understand the testing principle and procedure. The following section presents an 

overview of the SASW testing technique and the problems faced while performing 

a SASW field test. 
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2.3.1.3 Gmax determination using Spectral Analysis of Surface Waves 

Small strain shear modulus Gmax with strain level less than 0.001% (Addo and 

Robertson 1992; Aouad et al. 1993; Hiltunen and Woods 1988; Joh 1996; Nazarian 

and Stokoe II 1983; Nazarian and Stokoe 1985; Sanchez-Salinero et al. 1986; 

Stokoe et al. 1991) is an important parameter used in geotechnical engineering 

problems, especially while dealing with dynamic loading conditions. Gmax values 

of subsurface layers are required for pavement design and pavement condition 

monitoring, liquefaction and dynamic stability studies of slopes subjected to 

earthquake loading, landslide investigation and characterization of a geotechnical 

site based on stiffness properties (Joh 1996; Stokoe et al. 1991). As mentioned in 

the previous section, several field tests like the crosshole test, downhole test, 

seismic cone penetration test or laboratory tests like the resonant column or bender 

element tests are conducted to determine Gmax.  

The above-mentioned field tests are intrusive in nature (Stokoe et al. 1991) 

and the laboratory test requires undisturbed samples to perform the test. In most 

cases, it is difficult to get perfectly undisturbed samples, simulate in-situ conditions 

and perform the test in the laboratory. Under such circumstances, a non-destructive 

testing technique like Spectral Analysis of Surface Waves (SASW) is a feasible 

option for determining the subsurface stiffness profile. In order to obtain the 

subsurface shear wave velocity profile at the dam site, it was necessary to conduct 
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SASW tests. Hence the theory, working principle and steps involved to obtain the 

shear wave velocity profile using SASW test were reviewed. 

SASW test principle: SASW is a non-intrusive and non-destructive testing 

technique widely used to determine the in-situ shear wave velocity and small strain 

shear modulus of subsurface layers. Although the final aim of the test is to 

determine the shear wave velocity profile of a given site, Rayleigh waves are used 

to indirectly calculate the shear wave velocity (Al-Hunaidi 1993; Heisey et al. 

1982) because of the following reasons: (a) 2/3rd of the impact energy of a vertically 

oscillating impact source emanates as Rayleigh waves and (b) Rayleigh wave 

energy varies as 1/√r when compared with shear wave energy which varies as 1/r2 

(r is the distance from the impact source)(Miller and Pursey 1955) . Hence at a 

given distance away from the impact source location, most of the energy received 

by geophones will be in the form of Rayleigh waves. The testing philosophy is 

based on the dispersive nature of Rayleigh waves (surface wave) (Addo and 

Robertson 1992; Al-Hunaidi 1993; Kumar and Hazra 2014; Kumar and Rakaraddi 

2013; Nazarian and Stokoe II 1983; Nazarian and Stokoe 1985; Stokoe et al. 1991). 

Unlike a homogeneous medium, surface waves of different wavelengths travel with 

different velocities in a heterogeneous medium. Hence the SASW test can acquire 

information of a wide range of frequency/wavelength with a single impact of 

hammer on the ground surface. 
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Steps for Vs determination using SASW: The test involves three major tasks: (a) 

field test, (b) obtaining dispersion curve from field tests and (c) inversion analysis 

to determine the shear wave velocity profile (Joh 1996; Kumar and Rakaraddi 

2013). A brief overview of the major tasks performed for SASW testing is provided 

in the following section. A detailed description of the theoretical aspects can be 

found elsewhere (Heisey et al. 1982; Nazarian and Stokoe II 1983; Nazarian and 

Stokoe 1985; Stokoe et al. 1991). 

Field test: The first and most important task for SASW testing is to conduct the test 

at the site of interest and obtain acceptable representative subsurface information. 

Theoretically, only one geophone spacing should be sufficient to get information 

for all the subsurface layers. But from practical considerations, the test needs to be 

performed with different geophone spacing in order to get information about 

different layers located at different depths from the ground surface (Al-Hunaidi 

1993; Stokoe et al. 1991). A test with shorter geophone spacing usually gives 

information about the near-surface layers whereas a higher geophone spacing is 

required to get the shear wave velocity of deeper layers. Usually, the distance 

between geophones is doubled after each test to provide enough overlap zone in the 

dispersion curves obtained from the respective tests conducted at different spacings 

(Joh 1996; Nazarian and Stokoe II 1983; Nazarian and Stokoe 1985; Stokoe et al. 

1991). For a given geophone spacing “D”, the impact source is placed at a distance 

of at least D/2 from the nearest geophone. The type of hammer required to generate 
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the Rayleigh waves depends not only on the site characteristics but also on the 

geophone spacing.  

Although different types of impact source like hand-held hammer, 

sledgehammer, dropped weights, vertical drop hammer, excavator shovels, SPT 

hammers has been used for SASW testing, the most commonly used type of impact 

source used are hand-held hammers of varying weights (Addo and Robertson 1992; 

Al-Hunaidi 1993; Hiltunen and Woods 1988; Mancuso and Vinale 1993; Nazarian 

and Stokoe II 1983; Nazarian and Stokoe 1985; Stokoe et al. 1991). The type of 

hammer to be used for a test is site-dependent. A particular impact source type 

suitable for a given site may not be suitable for a different site.  

The quality and acceptability of a test are judged based on the coherence 

and wrapped phase information obtained at the time of the test. A coherence close 

to 1 implies a low noise signal, which is desirable for the acceptability of the test 

(Heisey et al. 1982; Joh 1996; Kumar and Hazra 2014; Kumar and Rakaraddi 2013; 

Nazarian and Stokoe II 1983; Nazarian and Stokoe 1985; Stokoe et al. 1991). In 

other words, a coherence close to 1 suggests that most of the waves received by the 

geophone nearest to the impact source were also received by the furthest geophone. 

For most field tests, a coherence of at least 0.95 is desired in order to obtain 

representative shear wave velocity profile of a given site. For a given geophone 

spacing, the same test is repeated four to five times in order to reduce the effect of 

background noise by averaging the data in the frequency domain (Al-Hunaidi 1993; 
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Heisey et al. 1982). For the next higher geophone spacing, the spacing is doubled 

following common geophone midpoint geometry (Mancuso and Vinale 1993; 

Nazarian and Stokoe 1985; Stokoe et al. 1991). After conducting the field tests with 

different geophone spacing, the next step is to obtain the dispersion curve.  

Dispersion curve from field test: A dispersion curve shows the variation of phase 

velocity of the generated set of Rayleigh waves with the respective wavelengths. 

Since not much information can be extracted from the data obtained in the time 

domain, the analysis is performed in the frequency domain after performing a 

Fourier Transform on the time domain data (Heisey et al. 1982). The following set 

of equations are used to obtain the dispersion curve. 

 𝑡(𝑓) = ∅(𝑓) (360 𝑋 𝑓)⁄       (2.2) 

 𝑉𝑅(𝑓) =  𝐷 𝑡(𝑓)⁄        (2.3) 

 𝐿𝑅(𝑓) = 𝑉𝑅(𝑓) 𝑓⁄        (2.4) 

The frequency content of the signal “f” is obtained from Fourier transform of the 

signal and the phase ∅(𝑓) is determined after unwrapping the phase data obtained 

from the field test. The frequency and wrapped phase data which has a coherence 

> 0.95 is used for further analysis, after masking the region with unacceptable 

coherence (Heisey et al. 1982; Joh 1996). Even if the coherence is close to 1 for the 

initial low-frequency region, the wavelength data used for analysis is restricted to 

3D (Al-Hunaidi 1993; Heisey et al. 1982; Nazarian and Stokoe 1985; Stokoe et al. 
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1991). For a given geophone spacing D, the phase velocity 𝑉𝑅(𝑓) and wavelength 

𝐿𝑅(𝑓) is determined for any given frequency using equations 2.2 to 2.4.  

Inversion analysis: The dispersion curve for all the different geophone spacing is 

combined to obtain the global dispersion curve. The number of layers, layer 

thickness, density, Poisson’s ratio and shear wave velocity are initially assumed for 

performing the inversion analysis using a software (Addo and Robertson 1992; Al-

Hunaidi 1993; Joh 1996; Nazarian and Stokoe II 1983; Nazarian and Stokoe 1985; 

Stokoe et al. 1991). A suitable software is used to determine the theoretically 

calculated dispersion curve from the input data and compare with the field 

dispersion curve. The layer thickness, shear wave velocity and Poisson’s ratio are 

modified subsequently after each iteration so that the theoretical and field 

dispersion curve almost matches with an RMS error value less than 10 

(Chakraborty et al. 2019b).            

Although the SASW test apparently seems simple, the biggest challenge faced 

during field test is to decide the type of impact source required and obtain a 

coherence close to 1 for the frequency range of interest. Several repetitions are often 

required to acquire an acceptable test and a significant amount of human judgment 

is involved in accepting or rejecting a particular test result. Shear modulus is the 

most important parameter in a seismic response and stability analysis of an earthen 
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structure; hence, it is of utmost importance to ensure the accuracy of the estimated 

shear modulus values.  

Besides shear modulus, damping (or damping ratio of soil) is another 

important input parameter required for a dynamic analysis. The following section 

presents an overview of damping and the different laboratory and in-situ methods 

to obtain damping ratio. 

2.3.2 Damping  

Cyclically loaded soil mass systems or soil bodies subjected to earthquake vibration 

loses energy, primarily in terms of heat, due to damping (Richart et al. 1970).  The 

ratio of the amount of energy lost in one cycle of oscillation as compared to the 

maximum stored elastic energy is defined as the specific damping capacity  

(Ashmawy et al. 1995). In geotechnical engineering problems dealing with 

dynamic loading conditions, the damping is often represented as 'damping ratio', a 

term ideally applicable for a single degree of freedom (SDOF) system. 

The damping ratio is defined as the ratio of coefficient of damping to the 

critical damping of a system (Richart et al. 1970). The critical damping of a system 

represents the amount of damping required to stop the body exactly after one 

complete oscillation, when the vibrating body returns to its original position. A 

system is considered to be overdamped if the damping is higher than critical and as 

underdamped if the damping is lower than critical.   
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The damping in soil layers can be determined using laboratory or in-situ 

tests. Laboratory tests include performing resonant column, cyclic triaxial and 

torsional shear tests on soil samples (Ashmawy et al. 1995; Lentini and Castelli 

2017). The damping can be obtained from free-vibration of an initially disturbed 

sample in a resonant column test and recording the decay of amplitude (logarithmic 

decrement) (Richart et al. 1970). The damping ratio can also be obtained from 

resonant column test data using the “half-power method” on the response of the soil 

(magnification) recorded by varying the input frequencies (Kramer 1996; Wu 

2015). The area under hysteresis curve (Figure 2-14) is used to calculate the 

hysteretic damping ratio in case of cyclic triaxial and torsional simple shear 

(Ashmawy et al. 1995; Teachavorasinskun et al. 1991).  

 

Figure 2-14: Shear stress-strain relationship and hysteresis loop 

 (after Ishihara 1996)  

In-situ tests include back calculating damping ratio of different soil layers 

to match the response recorded by accelerographs due to forced vibration tests 
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(Abdel-Ghaffar and Scott 1979a, 1981; Cantieni 2001; Jafari and Davoodi 2006). 

Usually, the damping ratio for natural soils ranges between 0.5-5% (Kallioglou et 

al. 2008; Vucetic and Dobry 1991). The damping ratio is also specified in terms of 

viscous damping or Rayleigh damping (Figure 2-15), which unlike hysteretic 

damping, is a frequency-dependent damping (Amorosi et al. 2008; Gazetas 1987; 

Parish et al. 2009; Song and Su 2017; Woodward and Griffiths 1996). The Rayleigh 

damping is composed of a linear combination of a mass term and a stiffness term 

and needs to be calibrated to provide the required damping within a range of 

frequencies of interest (Hall 2006).   

 

Figure 2-15: Mass and stiffness term in Rayleigh damping  

(Source:https://www.orcina.com/SoftwareProducts/OrcaFlex/Documentation/Hel

p/Content/html/RayleighDamping,Guidance.htm) 

The next section presents an overview of the different existing methods to 

perform seismic response analysis of earthen dams along with their advantages and 

https://www.orcina.com/SoftwareProducts/OrcaFlex/Documentation/Help/Content/html/RayleighDamping,Guidance.htm
https://www.orcina.com/SoftwareProducts/OrcaFlex/Documentation/Help/Content/html/RayleighDamping,Guidance.htm
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disadvantages. The techniques for determining the natural frequency of earthen 

embankment structures and the limitations of the methods in determining the strain-

dependent natural frequency is also elucidated. 

2.4 Seismic response of earthen dams 

Dams are some of the most important engineered structures which plays an 

important role in flood control, water storage, irrigation, electricity generation, 

recreational facilities and towards the betterment of a nation (FEMA, 2016). 

Despite the efforts of engineers to incorporate different possible modes of failure 

in design consideration of these structures, there have been several instances in 

different parts of the world, where dams have incurred catastrophic failures. Such 

events not only affect the economy of the country but also the lives of thousands. 

Over the period of time, improvement in technology, increased knowledge and 

understanding on the behavior of dams have enhanced the confidence on the 

performance of these mega-structures. However, a lot remains unexplored about 

these large inhomogeneous structures. Unlike concrete dams, earthen dams are 

highly heterogeneous in nature, with materials existing in multiple phases, 

exhibiting non-linear and anisotropic behavior (Yiagos and Prevost 1991). Hence, 

engineers and researchers are in a continuous strive to understand more about the 

behavior of these structures, especially under adverse conditions like floods or 

earthquakes. 
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Earthen dams or levees, which are otherwise stable under normal conditions 

may be susceptible to failure when subjected to seismic excitations. The behavior 

of an earthen dam is a complex phenomenon which has been studied since the late 

19th century. All earthquakes do not affect an earthen dam to the same extent. 

Broadly speaking, the response of an earthen dam to seismic excitation primarily 

depends on its geometry, material properties and canyon geometry (Gazetas 1987; 

Mejia and Seed 1983; Woodward and Griffiths 1993). However, there are several 

other case-specific factors which affect the behavior of a particular dam. A 

resonance condition may occur if the predominant frequency of an earthquake 

excitation is close to the natural frequency of the structure, resulting in amplified 

vibration (Dakoulas and Gazetas 1985; Gazetas 1987; Parish et al. 2009; Wood 

1973; Zhu and Zhou 2010). Thus researchers and engineers try to estimate the 

response and induced forces on the structure during seismic events, and estimate 

the natural frequencies, mode shapes and modal participation factors for different 

modes of vibration.  

2.4.1 Seismic response analysis methods 

The response of a dam, when subjected to earthquake shaking, is usually simulated 

using a dynamic finite element or finite difference based software packages. The 

seismic excitation is propagated from the base of the foundation, where the 

excitation is applied, to the crest of the dam. The most important parameters which 

govern this process of propagation of seismic excitation are the shear modulus and 
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the damping ratio of the soil layers present in the body of the dam. The unit weight 

of the soil layers is also an important parameter since the earthquake-induced inertia 

force depends on the mass of the system, which in turn depends on the assigned 

unit weight of the soil layers. The shaking type analysis can be performed assuming 

the soil layers to be linear elastic or by incorporating the non-linear stress-strain 

behavior of the geomaterials. 

2.4.1.1 Linear elastic analysis 

The linear elastic type of analysis is the simplest type of analysis in which the soil 

is assumed to exhibit linear elastic behavior (Krahn 2004a). This implies that the 

shear modulus of the soil layers remains constant, irrespective of the strain level 

attained during the shaking analysis. The linear elastic type analysis is usually not 

performed for analyzing actual problems since the shear modulus of different soil 

types decreases with increase in strain levels (Rathje and Bray 2000). The linear 

elastic analysis may, however, be used to analyze the effect of very low-intensity 

earthquakes, where the strain levels induced during shaking is not significant to 

cause non-linear behavior in the soil system (Chopra and Chakrabarti 1973).  

The linear analysis doesn’t account for the reduction in shear modulus and 

increase in damping ratio with the increase in strain experienced by the soil when 

the dam is subjected to seismic loading conditions (Krahn 2004a). The non-linear 
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behavior of soil is incorporated in the analysis using the iterative equivalent linear 

or non-linear method (Gazetas 1987; Idriss 1973; Prevost et al. 1985).  

2.4.1.2 Equivalent linear analysis 

The equivalent linear analysis tries to capture the non-linear stress-strain behavior 

of the soil by performing an iterative analysis (Gazetas 1987; Jibson 2011). The 

variation of shear modulus and damping ratio with strain depends primarily on the 

mean effective confining pressure, plasticity index and type of soil (Ishibashi and 

Zhang 1993; Seed and Idriss 1970; Seed et al. 1986; Vucetic and Dobry 1991). The 

analysis starts with the Gmax values assigned by the user, for the respective soil 

layers, and the software performs the shaking analysis to determine the maximum 

shear strain at every Gauss numerical integration points (Krahn 2004a). At the end 

of the first iteration, the shear modulus corresponding to the calculated maximum 

shear strain induced, is assigned to the respective soil layers following the shear 

modulus-degradation curves provided by the user, for the different soil layers 

(Figure 2-16). Successive iteration continues until there is a parity between the 

shear modulus assumed for that iteration and the strain levels induced (Seed et al. 

1986). For each individual iteration, the shear modulus of the different soil layers 

are held constant and the shear modulus values are modified at the start of the next 

iteration. The equivalent-linear method of analysis is effectively a linear-elastic 

method of analysis and cannot capture the actual behavior of the soil layers during 

seismic shaking (Seed et al. 1986). Nonetheless, this method has been found to 
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provide acceptable results for almost all practical purposes, other than for very 

strong seismic excitations (Rathje and Bray 2000). 

 

(a)                      (b) 

Figure 2-16: (a) Typical modulus degradation curve and (b) change in shear 

modulus with each iteration 

 (after Krahn 2004a) 

2.4.1.3 Non-linear analysis 

In the fully non-linear analysis, the changes in pore water pressure and strain are 

computed at every time-step of the earthquake loading and the subsequent changes 

in shear modulus is also computed at every time-step (Abouseeda and Dakoulas 

1998; Krahn 2004a; Prevost et al. 1985). Hence the non-linear analysis is expected 

to capture the actual behavior of the soil layers during shaking. However, suitable 

pore-pressure models along with non-linear constitutive relations are required to 

compute the increase in pore water pressure and associated changes in shear 

modulus due to different strain levels induced at every time-step of the earthquake 

(Beaty and Byrne 1998; Boulanger and Ziotopoulou 2015; Martin et al. 1975). 
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These models need to be calibrated based on extensive laboratory tests on 

undisturbed samples collected from the site (Boulanger and Montgomery 2016). 

All the commercially available software which can perform non-linear 

analysis work on the same basic principle, although, the input parameters vary 

based on the constitutive models used by the software to analyze the problem. 

However, due to the lack of undisturbed samples extracted from the shell portion 

of the Eagle Mountain dam, it was not possible to calibrate the models and perform 

a fully non-linear analysis. Using advanced constitutive models with assumed 

values of different input parameters does not guarantee the authenticity of the 

obtained result. Many studies have found that the simple equivalent linear method 

converges well and predicts real problems satisfactorily (Abdel-Ghaffar and Scott 

1979b; Mejia and Seed 1983; Prevost et al. 1985; Rathje and Bray 2000); it is thus 

widely used in practice and was adopted in this research study.  

2.4.2 Natural frequency determination methods 

The natural frequencies of earthen dams can be determined by simple analytical 

methods like shear beam model or numerical methods using finite element or finite 

difference methods. The natural frequency can also be determined from field tests 

by studying the response of the structure to ambient and forced vibration tests 

(Cetin et al. 2005; Chopra 1967; Clough and Chopra 1966; Gazetas 1987; Ishizaki 

and Hatakeyama 1962; Mononobe et al. 1936; Okamoto 1984; Okamoto et al. 

1969). However, all these methods are applicable for determining the natural 
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frequency corresponding to low strain levels. A brief overview of the different 

methods is presented in this section. 

2.4.2.1 Analytical method: The shear beam method 

In the shear beam method, the dam is considered as a beam having “variable wedge-

shaped cross-section”, as shown in Figure 2-17 (Ambraseys 1960b; Ike 2008; 

Okamoto 1984). The displacement of any point on a horizontal section is assumed 

to be same and uniform (Okamoto 1984) and the dam is assumed to vibrate in pure 

shear. The shear beam approach was first introduced by Mononobe et al. (1936) as 

simple 1D shear beam method, where the length of the wedge was significantly 

longer than its height. Whereas in narrower canyons, where the ratio of the length 

to the height of the dam was comparatively less, the response was studied using 

two-dimensional shear beam model (Ambraseys 1960b; Hatanaka 1955). 

Ambraseys (1960b) developed theoretical expressions for deflection and shear 

stress developed in a shear wedge and calculated the frequencies for first six modes 

of vibration for different truncation ratios for 1D and 2D cases.  
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Figure 2-17: Geometry of dam for shear beam method 

 (after Ambraseys 1960b) 

Okamoto et al. (1969) presented the data available from eight seismometers 

distributed on the crest, mid-slope of downstream side and at both sides of the bank 

of  37m high Sannokai Dam and interpreted the dynamic properties of the material 

using the 1D shear beam. Abdel-Ghaffar and Scott (Abdel-Ghaffar and Scott 

1979a; b, 1981) estimated the natural frequency, shear wave velocity, modal 

participation and dynamic material properties of Santa Felicia Dam. The 

parameters were computed from data available for two earthquakes (obtained from 

accelerometers installed at the site), and from forced vibration tests and compared 

the results with that obtained from shear beam method. The above-mentioned 

studies were performed assuming the dam to be homogeneous in nature with 

uniform shear modulus throughout the section of the dam. The variation of shear 

modulus with depth (from the crest of the dam) was first incorporated in the shear 

beam analysis by Dr. George Gazetas (Gazetas 1981). 
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Static finite element studies and laboratory data suggested that shear 

modulus increased as 2/3rd power of depth from the crest. Gazetas (1981) developed 

a shear beam model incorporating the increase in shear modulus with depth. The 

model was evaluated by comparing modal displacement shapes, peak accelerations 

and seismic coefficient for a number of real dams subjected to different 

earthquakes. A comparative study was conducted on five earthen dams of various 

cross sections using shear beam model and plane strain finite element analysis by 

Tsiatas and Gazetas (Tsiatas and Gazetas 1982). Results suggested that shear beam 

model predicted natural frequencies and modal shapes close to that obtained by 

plane strain finite element method (within 10% deviation) for the first mode of 

vibration. The deviation in result was found to increase for higher modes due to 

bending-type movement associated with the vertical component of deformation.  

A generalized non-homogeneous shear beam model was presented by 

Dakoulas and Gazetas (1985) to incorporate the effect of inhomogeneity and 

variation of shear modulus with depth. Closed form solutions were developed for 

natural frequency, mode shapes and modal participation factors for different 

degrees of non-homogeneity (represented as inhomogeneity factor, m). The results 

obtained using the generalized shear beam model were found to be consistent with 

the data available from five dams subjected to four different earthquakes. Although 

the shear beam model predicted results close to that obtained from some actual data 

available from dams subjected to earthquakes, there are some limitations of this 
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model which makes seismic response analysis with finite element method more 

accurate and realistic.  

2.4.2.2 Numerical methods: Using finite element or finite difference methods 

Clough and Chopra (Chopra 1967; Clough and Chopra 1966) were the first to use 

2D plane strain finite element analysis to study the dynamic response of a dam 

made of linearly elastic, homogeneous and isotropic material. The natural 

frequencies were obtained by Eigen value analysis (Chopra 1967; Woodward and 

Griffiths 1993). The shear beam model assumes that an earthen embankment 

structure subjected to earthquake excitation exhibits pure shear behavior. However, 

finite element analysis showed that only the first mode of vibration exhibited pure 

shear behavior, whereas all the higher modes involved flexure type deformation 

with vertical movement (Chopra 1967; Clough and Chopra 1966; Gasparini and 

Sun 1982; Gazetas 1987). Unlike the assumptions made in the shear beam analysis, 

the displacement under the first mode of vibration was found to be significantly 

different at the face and at the centerline of the dam.  

Ishizaki and Hatakeyama (1962) first represented 2D dynamic plane strain 

problem by finite difference discretization. They concluded that the shear beam 

representation of vibration of the dam is “imperfect” since the vibration of the dam 

surface and body consist of both horizontal and vertical motion. Moreover, the 

distribution of displacement and shear stress on a horizontal plane was found to be 
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significantly different from the uniform distribution assumed in the shear beam 

approach.  

Plane strain finite element analysis or finite difference method can 

incorporate the effect of unequal side slopes, arbitrary geometric configurations and 

material non-homogeneity. Zones with different material properties and seismic 

excitation with both horizontal and vertical component of earthquake motion 

(Chopra 1967; Gazetas 1987; Yiagos and Prevost 1991) can be dealt with using 

numerical methods. Such analyses are thus expected to portray the actual behavior 

of the dam in a more realistic way than the shear beam approximation. However, 

the non-linear behavior of soil needs to be accounted for in the analysis (Clough 

and Chopra 1966). A brief overview on the evolution of seismic response analysis 

techniques has been presented here, however, the reader may refer to other 

literature (Gazetas 1987; Okamoto 1984; Pelecanos 2013) for a detailed study. 

2.4.2.3 Field testing methods: Ambient and forced vibration tests  

The seismic response of an earthen dam can also be studied, based on the data 

recorded during earthquake events by accelerographs/seismographs that are placed 

in different locations of the dam (Figure 2-18) (Okamoto et al. 1969; Abdel-Ghaffar 

& Scott 1979a; Abdel-Ghaffar & Scott 1979b; Cetin et al. 2005; Pelecanos et al. 

2015; Yang et al. 2017), or by conducting ambient vibration or forced vibration 

tests (Abdel-Ghaffar and Koh 1981; Abdel-Ghaffar and Scott 1981; Castro et al. 
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1998; Jafari and Davoodi 2006). Accelerograph data is not usually available for 

dams that are located in newly identified regions of induced seismicity, and in such 

cases, ambient vibration or forced vibration tests may be utilised as an alternative 

approach. Ambient vibration test uses natural sources of excitation such as wind, 

low-intensity tectonic movements, microtremors, water release from reservoirs, 

and other sources of vibration (Abdel-Ghaffar and Koh 1981; Jafari and Davoodi 

2006; Trifunac 1972).  

In the forced vibration test, excitations are induced along the upstream-

downstream directions, by rotating eccentric-mass vibration generators that are 

attached to the crest of the dam (Figure 2-19) (Abdel-Ghaffar and Scott 1981; 

Abdel-Ghaffar et al. 1980; Gauron et al. 2018; Gazetas 1987; Jafari and Davoodi 

2006; Keightley 1966). The acceleration induced at the crest and at different 

locations of the side slopes are recorded, and the data is analysed to determine the 

natural frequency and mode shapes of the structure (Abdel-Ghaffar and Scott 1981; 

Petrovski et al. 1974). The forced vibration tests require sophisticated instruments 

for performing the tests and collecting the data, which might not be feasible for all 

projects. Similar analyses can also be performed using the response data recorded 

during actual earthquakes (Cetin et al. 2005). However, such data are not usually 

available for dams located in newly declared, induced seismicity regions. 
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Figure 2-18: Location of sensors for ambient vibration test on Masjed Soleiman 

Dam 

 (after Jafari and Davoodi 2006) 

 

 

Figure 2-19: Vibration generators used for forced vibration tests on Masjed 

Soleiman Dam 

 (after Jafari and Davoodi 2006) 
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2.5 Slope stability analysis 

Evaluating the stability of slopes of earthen embankment structures, such as dams 

and levees is one of the oldest types of geotechnical engineering problems (Duncan 

et al. 2014). The stability of these engineered infrastructures is of paramount 

importance since the failure of such structures can have catastrophic consequences 

(Caballero et al. 2016). In earlier days, earthen dams were considered to be 

inherently stable to seismic disturbances (Seed 1981). However, after the extensive 

damage to Lower San Fernando Dam and substantial sliding movement of Upper 

San Fernando dam during San Fernando Earthquake of 1971, engineers and 

researchers realized the importance of studying the stability of dams under seismic 

loading conditions (Seed 1981). These massive structures which are otherwise 

stable under normal conditions may become unstable during earthquake events 

(Chatterjee and Choudhury 2014). The most important decision which an engineer 

needs to take while performing a stability analysis is to decide the suitable strength 

parameters which are expected to capture the behavior of the structure under a 

certain loading condition.  

2.5.1 Strength parameters for slope stability analysis 

Commercially available software packages have made it extremely easy for 

engineers to perform the slope stability analysis (Duncan 1996; Krahn 2003). 

Complex geometric conditions, regions with different material properties, various 

loading conditions and other complex scenarios can be easily solved with the use 



84 

 

of these software packages. However, the validity of the analysis results depends 

on the exactness with which the problem scenario is defined. The software can 

easily calculate the stresses state present due to gravity loading condition or 

perform a shaking analysis to determine the earthquake-induced stresses based on 

the unit weight, Poisson’s ratio and shear modulus provided for different layers of 

the soil and depending on the specified boundary conditions. However, the most 

important input parameters of a slope stability analysis, which determines the 

resisting strength along a slip surface, are the shear strength parameters. Hence, it 

is critical to decide and select the suitable shear strength parameter for analysis.  

Even though shear strength is a function of effective stress for any type of 

soil, it is often not possible to determine the increase in pore water pressure in a 

clayey type of soil (Duncan 1996; Duncan et al. 2014). In such cases, total stress 

analysis or undrained analysis is performed to estimate the available shear strength. 

A type of soil can be assumed to exhibit drained or undrained behavior depending 

on the rate of loading and the rate of dissipation of excess pore water pressure. Non-

dimensional time factor T is often used to decide if a soil type can be assumed to 

exhibit drained or undrained behavior (Duncan 1996). If T is greater than 3, the soil 

is found suitable for effective stress analysis; whereas T less than 0.01 can be 

considered to exhibit undrained behavior. However, if a particular soil type has 0.01 

< T < 3, it can exhibit either type of behavior and both effective and total stress 

analysis is usually performed.  
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The shear strength parameters are usually obtained by performing triaxial 

or direct shear tests on soil samples in the laboratory (USACE 2003; USSD 2007). 

Existing correlations with in-situ test results, such as CPT or SPT are also widely 

used to obtain the shear strength parameters (Robertson and Cabal 2015). The shear 

strength parameters include (a) effective cohesion intercept and effective friction 

angle, used in effective stress analysis; (b) total cohesion intercept and total friction 

angle, used in total stress analysis; and (c) undrained cohesion, used in undrained 

analysis. The strength parameters used in effective stress analysis can be obtained 

by performing laboratory tests such as Consolidated Drained (CD) triaxial test or 

Consolidated Undrained (CU) triaxial test with pore pressure measurements or by 

performing a direct shear test at a very slow rate of shearing, to allow dissipation 

of excess pore water pressure generated during shearing (Banerjee and Puppala 

2015; Banerjee et al. 2018b). Suitable CPT or SPT correlations can also be used to 

determine effective friction angle.  

The total cohesion intercept and total angle of internal friction, which are 

required for total stress analysis, is usually obtained from Consolidated Undrained 

(CU) triaxial test or by performing a direct shear test at a high rate of shearing. 

However, the total friction angle is usually not obtained from CPT or SPT 

correlations, since the available correlations are valid for determining effective 

friction angle. Undrained cohesion can be obtained from Unconsolidated 
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Undrained (UU) triaxial test, or Unconfined Compressive Strength (UCS), or by 

using available correlation equations from in-situ tests.  

The effective stress analysis parameters obtained from CD test is suitable 

for performing a stability analysis of an old earthen dam. The term ‘old’ is a 

subjective term and denotes the condition in which the excess pore water pressure 

generated at the time of construction or loading has dissipated and the current pore 

water pressure condition can be obtained from steady state seepage analysis 

(USACE 2003; USBR 2011; USSD 2007; Wiltshire 2002). Stability analysis of 

such a dam can be performed by assigning effective friction and cohesion intercepts 

for both the sand and clay layers. 

The total stress analysis parameters obtained from CU test is suitable for 

performing the stability analysis of an ‘old’ earthen dam, subjected to an earthquake 

excitations. In such a scenario, similar to the previous case, it can be assumed that 

the excess pore water pressure generated during construction and initial loading 

phase have dissipated and the pore water pressure before the earthquake excitation 

can be determined using steady state seepage analysis. However, during earthquake 

excitation, it can be reasonably assumed that the excess pore water pressure cannot 

dissipate in case of either sand shell or clay core. Hence total stress analysis with 

total strength parameters can be used for both the sand and clay layers, if excess 

pore water pressure cannot be estimated accurately (Duncan 1996). However, if the 
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excess pore water pressure in the different soil types can be estimated using suitable 

constitutive models, effective stress analysis with effective strength parameters 

should be performed.    

A recently constructed dam, subjected to earthquake loading conditions 

soon after the construction, can be considered as a scenario suitable for undrained 

analysis. Undrained cohesive strength is assigned to saturated clay layers since the 

soil did not get sufficient time to dissipate the excess pore water pressure, generated 

during construction. Furthermore, an additional seismic load was imposed on the 

structure, leading to the generation of excess pore water pressure.  

Undrained shear strength is usually not assigned to sand layers unless the 

sand layer is susceptible to flow liquefaction or cyclic mobility. In such cases, the 

associated liquefaction induced deformation is large, and the shear strength is 

governed by undrained steady state shear strength. This topic is explained in detail 

in Section 2.7. 

The strength parameters obtained are not intrinsic properties of the soil, 

rather are manifestations of the behavior of the soil subjected to a certain loading 

condition (Holtz and Kovacs 1981). The shear strength of a soil sample primarily 

depends on the extent of deformation experienced, the degree of compaction 

compared to the confining pressure and the past loading conditions.  
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The peak strength corresponds to the maximum strength mobilized at low 

strain levels. With further shearing, the fully softened strength is mobilized when 

the soil reaches the critical state, which is associated with deformations without any 

further change in volume (Fell et al. 2005). Further shearing the sample is 

associated with soil particle rearrangement and the minimum shear strength, known 

as the residual strength, is mobilized. For a normally consolidated clay and a loose 

sand, the peak, fully softened and residual shear strength are nearly similar. 

Whereas, overconsolidated clay and dense sand exhibit a significantly higher peak 

strength as compared to the residual strength (Patil et al. 2018). 

Engineers often face a dilemma regarding the use the peak strength or the 

residual strength parameters while performing the slope stability analysis 

(Leshchinsky 2001). The rationale behind the use of peak or residual strength 

parameter lies in the type of problem and the associated deformation or strain levels 

expected at the different locations along a slip surface. The limit equilibrium 

method of analysis assumes the soil to behave as a ductile material and the 

magnitudes of the strain along the slip surface are not known (Duncan 1996). Hence 

at the end of an analysis, it is not possible to determine the specific locations where 

peak strength has been mobilized and the regions which may have experienced 

higher deformations associated with the residual strength. If the shear strength 

drops beyond the peak strength (strain-softening), extra unbalanced stresses may 

be transferred to the adjacent soil mass, leading to progressive failure of the soil 
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(Chowdhury et al. 2009; Law and Lumb 1978; USACE 2003). In such a scenario, 

a reliable approach to performing the stability analysis is to assign residual shear 

strengths throughout the system. However, such an analysis may be highly 

conservative and may lead to over-design while designing a new structure 

(Leshchinsky 2001).  

The use of peak or residual strength for the analysis is also decided based 

on the factor of safety results obtained by using the peak shear strength parameters 

and performing a stability analysis using a finite element or finite difference based 

software (Krahn 2003). If the factor of safety is quite high throughout the slip 

surface, the use of peak shear strength parameters can be considered suitable for 

the problem. It can be reasonably assumed that a structure having a high factor of 

safety against sliding will have low associated deformation and hence peak shear 

strength may be used for the analysis (Jibson 2011; USBR 2011). However, if the 

factor of safety is close to one, there may be several regions along the slip surface 

which may have experienced high deformations and hence the residual shear 

strength should be used for analysis and the factor of safety should be re-calculated. 

In case of seismic slope stability analysis, residual strength parameters are used in 

the analysis if the associated deformation is high, and the factor of safety is close 

to 1 due to the earthquake-induced forces and generation of excess pore water 

pressure (Marcuson et al. 1990).  
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2.5.2 Static slope stability analysis methods 

The static slope stability analysis methods primarily include the use of design 

charts, limit equilibrium method and numerical methods using finite element or 

finite difference based software packages. The different analysis methods with their 

relative advantages and disadvantages are discussed in this section. 

2.5.2.1 Design charts 

Slope stability analysis design charts were first introduced by Taylor. These charts 

are applicable for total stress analysis in simple homogeneous soil conditions 

(Abramson et al. 2001; Baker 2003; Taylor 1937). Engineers at times use the charts 

for non-homogeneous soils by using an equivalent homogeneous soil property, 

based on their engineering judgement and experience (Abramson et al. 2001). 

These stability charts are easy to use and can provide a preliminary approximate 

estimate of the factor of safety before performing the detailed analysis using a 

commercially available software (Baker et al. 2006; Bishop and Morgenstern 1960; 

Duncan 1996).  

2.5.2.2 Limit equilibrium method 

Limit equilibrium method is one of the most popular methods of stability analysis, 

which is widely accepted and used by the geotechnical engineering fraternity. In 

this method of analysis, the slip surface, whose stability is being evaluated, is 

divided into multiple slices, and the normal stress acting at the base of each slice is 



91 

 

determined to obtain the mobilized shear strength (Abramson et al. 2001; Krahn 

2003). The factor of safety of the slip surface is then obtained by calculating the 

ratio of the resisting strength of the slip surface to the driving stresses which tries 

to de-stabilize the slope (Duncan et al. 2014). The slope stability analysis using the 

method of slices is a statically indeterminate problem and hence different 

assumptions are made regarding the inter-slice forces (Table 2-2) (Abramson et al. 

2001; Cheng et al. 2007; Krahn 2003, 2004a; Morgenstern and Price 1965). The 

various methods available to perform a limit equilibrium analysis varies from one 

another based on the assumptions which are made regarding the inter-slice forces 

and depending on the condition of statics it satisfies (Table 2-3), i.e. force 

equilibrium or moment equilibrium, or both (Abramson et al. 2001; Krahn 2003, 

2004b).  

The general limit equilibrium formulation incorporates the key elements of 

the methods listed in Table 2-2 and Table 2-3. Two equations, one satisfying the 

force equilibrium and the other satisfying moment equilibrium, are individually 

used to evaluate the factors of safety over a wide range of inter-slice force 

conditions (Figure 2-20) (Fredlund and Krahn 1977; Fredlund et al. 1981; Krahn 

2003, 2004b; Lam and Fredlund 1993). The inter-slice force is determined using 

equation 2.5. 

X = E λ f(x)         (2.5) 
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where, X is the inter-slice shear force, E is the inter-slice normal force, f(x) is a 

function and λ is a percentage of the function f(x) (Figure 2-21).  

Table 2-2: Inter-slice forces used in different methods of limit equilibrium 

analysis 

 (after Krahn 2004) 

 

Table 2-3: Conditions of statics satisfied in different methods of limit equilibrium 

analysis 

 (after Krahn 2004) 
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Figure 2-20: GLE plot showing variation of factor of safety versus lambda 

(after Krahn 2004)  

 

The half sine function (or the clipped sine and the trapezoidal function) 

commonly used in the Morgenstern Price method tries to mimic the expected 

variation in the inter-slice force along the slip surface (Figure 2-21). The first and 

the last slice, from where the slip surface starts at the crest and ends at the toe, is 

assigned a low value of inter-slice shear force (Krahn 2004b). Whereas, the inter-

slice force is expected to be maximum in the middle of the slip surface (Fan et al. 

1986), hence justifying the half-sine shape of the inter-slice force function. 
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Figure 2-21: Half sine inter-slice force function 

 (after Krahn 2004) 

Unlike the half-sine function used in Morgenstern-Price method, a constant 

function is used for Spencer’s method (Duncan et al. 2014; Fan et al. 1986; 

Fredlund et al. 1981; Morgenstern and Price 1965; Spencer 1967). The value of 

lambda (λ), which scales the function f(x) to satisfy both force and moment 

equilibrium, is used for the Morgenstern-Price or Spencer method of analysis 

(Figure 2-20 and Figure 2-21). Researchers had observed that the choice of inter-

slice force function does not have a significant impact on the computed factor of 

safety results (Abramson et al. 2001; Duncan 1996; Duncan et al. 2014; Fan et al. 
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1986) and hence any suitable inter-slice function may be selected without making 

significant mistakes in an analysis. 

Determining the factor of safety by performing calculations by hand-

calculators is a tedious task due to the iterative steps involved. With the aid of 

computer software packages, these complex problems can be easily solved for 

embankment slopes having different geometric configurations, varying material 

properties and complicated loading conditions. Since computer software packages 

are readily available in almost all design firms and research institutes, a suitable 

method which satisfies both moment and force equilibrium should be selected, 

instead of a using a method which satisfies either force equilibrium or moment 

equilibrium (Duncan 1996).  

Although methods like Morgenstern-Price or Spencer’s satisfies, both 

moment and force equilibrium, the normal stresses calculated at the base of each 

slice is not necessarily the same as that exists in reality (Krahn 2003, 2004b). A 

comparison of stresses calculated by performing a numerical analysis using a finite 

element based software can clearly show the difference. Moreover, an inherent 

assumption of a single constant factor of safety value, for all the slices, is made in 

the limit equilibrium method of slope stability analysis and hence the variation of 

factor of safety along the slip surface or the presence of weak layers cannot be 

identified (Duncan 1996; Krahn 2003, 2004b; Wright et al. 1973). The limit 
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equilibrium method simply provides a numerical value of factor of safety and does 

not provide any information of the deformation incurred by the slip surface 

(Duncan 1996; Krahn 2007). In such cases, numerical methods such as finite 

element analysis can provide better information regarding the stability and 

serviceability of the slope, as compared to the limit equilibrium method. 

Nonetheless, limit equilibrium method remains as one of the most widely used 

slope stability analysis methods among practicing engineers (Cheng et al. 2007; 

Duncan 1996; Griffiths and Lane 1999; Jibson 2011; Krahn 2003; Law and Lumb 

1978). 

2.5.2.3 Use of numerical methods in slope stability analysis 

The two major shortcomings of the limit equilibrium method of analysis are (a) the 

constant value of factor of safety of an entire slip surface and (b) absence of 

information regarding the strain and deformation experienced by the slip surface 

and hence does not satisfy the displacement compatibility (Krahn 2003, 2007). The 

inclusion of finite element calculated stresses in the limit equilibrium method of 

analysis satisfies strain compatibility as well as the conditions of statics. Since no 

assumptions are required regarding the location and values of inter-slice forces, the 

obtained normal stresses are close to that expected to exist in the field (Griffiths 

and Lane 1999; Krahn 2004b; Seed 1981). Moreover, the variation of the factor of 

safety along the slip surface is easily determined based on the stresses and available 

shear strength along the slip surface (Krahn 2004b; Wright et al. 1973). Finite 
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element method can also be useful in determining the additional stresses induced 

due to the propagation of seismic excitation from the foundation to crest of an 

earthen structure during earthquake loading conditions (Chopra 1967; Clough and 

Chopra 1966; Jibson 2011; Krahn 2004a). These stresses can be included in the 

stability analysis to study the variation of the factor of safety with the time of the 

earthquake and compute the associated deformations. Suitable constitutive models 

such as the linear elastic, multilinear elastic, hyperbolic elastic, elastoplastic, 

elastoviscoplastic or such other stress-strain relationships are required to model 

different soil types and compute the deformation incurred due to different loading 

conditions (Duncan 1996).   

A comparatively new approach to determine the factor of safety of a slope 

is the strength reduction method (SRM) (Griffiths and Lane 1999; Liu et al. 2015; 

Matsui and San 1992). The cohesion and friction angle is iteratively reduced in this 

method and the deformation is computed at different locations of the slope using 

numerical methods (Dawson et al. 2000). At a certain point, the reduced strength 

parameters cause the slope to fail uncontrollably, which is depicted by a state of 

non-convergence (Krahn 2007; Nian et al. 2011; Yingren and Shangyi 2004). The 

number by which the strength parameters needs to be divided to reach this state of 

non-convergence is denoted as the factor of safety (Krahn 2007; Matsui and San 

1992). No slip surface is defined in this method, rather the deformed mesh of the 

structure, obtained by reducing the shear strength parameters, provides the location 
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of the failure and the associated values of deformation (Cheng et al. 2007; Griffiths 

and Lane 1999; Liu et al. 2015).  

The SRM doesn’t require the trial and error search of the critical slip 

surface, as followed in limit equilibrium analysis (Cheng et al. 2007). The failure 

pattern and probable location of the critical surface can be easily identified from 

the deformed mesh (Nian et al. 2011). However, the solution time is very high for 

the SRM and a well-defined critical surface, which most engineers are habituated 

to look at, is not obtained in the SRM (Cheng et al. 2007). Moreover, the SRM 

requires suitable constitutive models to be defined for different soil types to 

determine the associated deformations and faces numerical problems if the soil has 

a low cohesion and angle of internal friction (Chang and Huang 2005; Cheng et al. 

2007; Laouafa and Darve 2002).  

Both strength reduction method and limit equilibrium method have their 

benefits and limitations. Although the strength reduction method is more 

sophisticated as compared to the limit equilibrium method, it cannot be declared to 

be superior (Krahn 2007). The strength reduction method is a new method and 

unlike limit equilibrium method has not withstood the test of time. The use of finite 

element method in the limit equilibrium framework (Krahn 2003) has thus been 

used in this research study.   
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2.5.3 Seismic slope stability analysis methods 

The analysis methods for conducting seismic slope stability analysis includes the 

simple pseudo-static method, the more complicated and computationally intensive 

stress-deformation method and the permanent-displacement approach, which acts 

as a mediator to the other two methods (Cai and Bathurst 1996; Jibson 2011; 

Newmark 1965). Each of the aforestated methods has their benefits and limitations 

and hence co-exists as analysis tools in the geotechnical engineering community 

dealing with the stability of embankment slopes, in the event of an earthquake 

(Jibson 2011).  

2.5.3.1 Pseudo-static method 

The pseudo-static approach was introduced by Terzaghi (1950) by approximating 

the seismic excitation as a constant, unidirectional body force acting through the 

centroid of a rigid sliding mass, whose stability is to be evaluated (Cai and Bathurst 

1996; FEMA 2005; Gazetas and Uddin 1994; Kramer and Smith 1997; Newmark 

1965; Seed 1981). Since the effect of the vertical disturbances during the 

earthquake average out to zero, generally, this additional body force is applied only 

in the horizontal direction and incorporated in the limit equilibrium method of slope 

stability analysis (Babu et al. 2007; Jibson 2011). The horizontal acceleration is 

represented in terms of a seismic coefficient kh, which is multiplied by the mass of 

slip surface to obtain the horizontal body force, and the stability of the mass is 

evaluated. Even though the pseudo-static approach is extremely simple, easy to use 



100 

 

and is widely used by practicing engineers, the effect of variation in the induced 

forces, throughout the body of the earthen embankment, cannot be apprehended. 

The stress-deformation method is used in such cases to have a better perception of 

the performance of the structure during seismic events. 

2.5.3.2 Stress-deformation method 

In the stress-deformation approach, the earthen embankment is discretized as a 

mesh and the stress and deformation at all the nodes are determined in response to 

an earthquake disturbance (time-history data) applied at the base of the structure 

(Jibson 2011). The earthquake-induced forces acting on a slip surface of interest 

are incorporated in this type of stability analysis, unlike the unidirectional constant 

body force used in the pseudo-static approach. This procedure hence provides a 

realistic modelling of the seismic response of the structure and is expected to 

provide a better understanding of the behavior of the embankment slope during an 

earthquake. However, the need for high-quality laboratory and field test data, and 

sophisticated constitutive models makes the stress-deformation approach suitable 

primarily for very important projects and is especially useful for research purposes 

(Baker et al. 2006; Gazetas and Uddin 1994; Jibson 2011; Shukha and Baker 2008).    

2.5.3.3 Permanent displacement method 

The permanent-displacement approach introduced by Newmark (1965) bridges the 

gap between the pseudo-static approach and the stress-deformation approach 

(Gazetas and Uddin 1994; Jibson 2011). The pseudo-static analysis alone does not 
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provide any information about the behavior of the slip surface during an earthquake, 

or the consequences of an event when the factor of safety (FOS) of the slip surface 

falls below unity (Gazetas and Uddin 1994; Kramer and Smith 1997; Seed 1981). 

Since the serviceability of the slope is related to the permanent deformation 

incurred, rather than the pseudo-static FOS, the permanent-displacement approach 

provides an understanding of the impact of the earthquake event on the 

embankment slopes (Kramer and Smith 1997; Marcuson III et al. 1992). A pseudo-

static FOS less than one does not necessarily mean failure of the slope, rather the 

sliding mass incurs a permanent displacement (Gazetas and Uddin 1994; Newmark 

1965; Seed et al. 1978). This method thus provides an estimate of the plastic 

deformation experienced by a sliding mass during an earthquake. The sliding mass 

incurs a permanent deformation when the earthquake-induced acceleration in the 

sliding mass exceeds the critical/yield acceleration (Gazetas and Uddin 1994; 

Jibson 2011; Kramer and Smith 1997; Seed 1981). The critical/yield acceleration 

is defined as the minimum horizontal acceleration at which the sliding mass is on 

the verge of imminent failure, i.e. the FOS is equal to unity. The critical acceleration 

can be obtained by iteratively varying the horizontal pseudo-static coefficient and 

determining the coefficient which results in a FOS of 1. The accumulated 

displacement is obtained by double integration of the acceleration (experienced by 

the sliding mass) over the time instances when the acceleration exceeds the yield 

acceleration (Jibson 2011; Kramer 1996; Seed 1979).  
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Initially, the sliding block (in Newmark type analysis) was assumed to 

behave as a rigid block and the variation of the earthquake-induced acceleration in 

the sliding mass was not considered in the permanent-displacement method 

(Gazetas and Uddin 1994; Jibson 2011; Kramer and Smith 1997). However, the 

decoupled method of analysis by Makdisi and Seed (1978) incorporates the non-

rigid behavior of the sliding mass, which deforms internally during shaking. In such 

a process, a dynamic response analysis (for a particular earthquake time-history 

data) is performed without considering any failure of the slope (Jibson 2011; 

Kramer and Smith 1997; Seed 1979). The earthquake-induced acceleration 

obtained from the seismic response analysis is used to compute the average 

horizontal equivalent acceleration, which is then used in the Newmark type 

deformation analysis (Makdisi and Seed 1978; Seed 1979). Studies have shown that 

this decoupled approximation can lead to a conservative estimation of the 

permanent-displacement, especially when the frequency of base excitation is close 

to the natural frequency of the earthen structure (Gazetas and Uddin 1994; Kramer 

and Smith 1997; Lin and Whitman 1983). However, this over-prediction of 

permanent deformation was found to be insignificant when compared to the other 

associated uncertainties in the seismic response and sliding block analysis (Kramer 

and Smith 1997). Besides the aforementioned reasons, lack of available software 

packages capable of performing the computationally intensive coupled analysis, 

and need for complex constitutive models, make the decoupled approximation a 
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viable option to estimate the accumulated permanent-displacements of a sliding 

mass (Jibson 2011). 

The permanent-displacement analysis overcomes some of the limitations of 

the pseudo-static analysis, but cannot capture the entire dynamic behavior of an 

earthen structure subjected to dynamic loading conditions (Xiong and Huang 

2017). Nevertheless, the pseudo-static approach along with permanent-

displacement analysis remains extremely popular among practicing engineers due 

to its simplicity. Different agencies, design manuals, and codes also recommend 

using pseudo-static analysis as a tool for preliminary screening, to justify the use 

of a rigorous stress-deformation based seismic response analysis, even for 

important projects (Baker et al. 2006; Christian and Urzúa 2017; Shukha and Baker 

2008). Despite being a crude method, the pseudo-static approach is found to 

provide an index of the seismic stability of slopes (FEMA 2005; Kramer and Smith 

1997), especially when the embankment materials does not incur significant 

strength loss and are not susceptible to liquefaction during earthquake (Baker et al. 

2006; FEMA 2005; Seed 1981; USSD 2007). Hence the use of pseudo-static 

approach is justified where the embankment is made of clayey soil or dense sand 

(i.e. soils which are not susceptible to liquefaction). Earthen embankment structures 

present in low seismicity zones, where the intensity of earthquake excitation is not 

expected to be significant enough to cause soil liquefaction, can also be studied 
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using the traditional pseudo-static approach (Makdisi and Seed 1978; Seed 1981; 

Seed et al. 1978).  

2.6 Reliability based analysis 

Engineers are accustomed to performing deterministic stability analysis, in which 

the obtained analysis result solely depends on the mean (or estimated) value of the 

input parameters. However, there is a significant degree of uncertainty associated 

while performing an analysis due to the natural material variability, knowledge 

uncertainty or decision uncertainty (Baecher and Christian 2005; Christian 2004; 

Fenton and Griffiths 2010; Malkawi et al. 2000). Hence probabilistic theories are 

used to study the performance of a structure in terms of probability of failure and 

the reliability index (Babu and Srivastava 2010; Christian 2004; Christian et al. 

1994). It should be noted that the term “failure” does not necessarily mean 

catastrophic failure of the structure, rather it is any unacceptable pre-defined criteria 

set by the user (Leonards 1982).  

A brief overview of the theoretical background of reliability analysis is 

presented in this section. The resistance of the structure is denoted by R and the 

stress in the structure due to different loading conditions is denoted by S (Figure 2-

22). Since the values of both R and S are uncertain, the mean values of S and R are 

also associated with their respective standard deviations, σS and σR, and their 

corresponding distributions (Figure 2-22). The standard deviation can be 



105 

 

considered as a measure of the uncertainty involved. A narrow standard deviation 

implies a higher confidence (or accuracy) in the estimated value and vice versa 

(Chakraborty et al. 2017a). The margin of safety, M, is defined as the difference of 

the resistance (R) and the stress (S) (equation 2.5) and the mean of the distribution 

of M is the difference in the mean values of R and S (equation 2.6) (Baecher and 

Christian 2005; Christian et al. 1994).  The variance of M, can be obtained using 

equation 2.7, where ρRS is the correlation coefficient between R and S. The failure 

criteria is set at M = 0, i.e. when the stress is equal to the strength, representing the 

event when the safety margin is equal to 0 (considered as failures). The probability 

of failure pf is the area of the distribution curve of M, which is below the safety 

margin of zero (Figure 2-22). The reliability index (β) is mathematically 

represented by equation 2.8. Graphically, the mean of the safety margin M is ‘β 

times σM’ away from the failure criteria (Figure 2-22).  

 M = R – S          (2.5) 

μM = μR – μS         (2.6) 

σ2
M = σ2

R + σ2
S – 2ρRS σR σS        (2.7) 

𝛽 =
𝜇𝑀

𝜎𝑀
=  

𝜇𝑅− 𝜇𝑆

√𝜎𝑅
2 + 𝜎𝑆

2 – 2𝜌𝑅𝑆 𝜎𝑅𝜎𝑆

       (2.8) 

For geotechnical engineering problems, the margin of safety is most often 

represented in terms of the factor of safety (equation 2.9), instead of equation 2.5. 

F = 
𝑅

𝑆
           (2.9) 
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and failure happens when F < 1. The corresponding reliability index is then 

defined as  

𝛽 =
𝜇𝐹−1

𝜎𝐹
                  (2.10) 

The calculation of reliability index is more complicated when the margin of 

safety is represented in terms of factor of safety, since the ratio of two uncertain 

quantities are involved (equation 2.9), instead of the difference (equation 2.5) 

(Baecher and Christian 2005; Christian 2013). 

 

Figure 2-22: Distribution of R, S and M and graphical representation of reliability 

index and probability of failure 

(Source: http://hackl.github.io/pyre/theory.html) 

A brief overview of some of the different methods available to calculate the 

reliability index is presented here, however, interested readers may refer to Baecher 

and Christian (2005) for further details. 

http://hackl.github.io/pyre/theory.html


107 

 

First order second moment (FOSM): This is the simplest and widely used method 

in practice. It involves only the first term of Taylor series expansion of the factor 

of safety function (the performance function) to obtain the mean and variance of 

the distribution and the higher terms are ignored (Chowdhury and Xu 1995; Duncan 

2000; Malkawi et al. 2000; Phoon and Kulhawy 1999). The partial derivative of the 

performance function is evaluated N times at the respective mean values of the N 

uncertain variables which govern the performance function (Baecher and Christian 

2005). 

Second order second moment (SOSM): This method is similar to the FOSM, 

however, the first and second terms of the Taylor series expansion of the 

performance function, are used. The method is computationally intensive and does 

not provide additional accuracy in the obtained result (Baecher and Christian 2005; 

Bungenstab and Bicalho 2016) and hence rarely used in practice. 

Point estimate method: The point estimate method requires estimating the moments 

of the performance function by evaluating the function at certain specific pre-

determined discrete points (Baecher and Christian 2005; Christian 2004; 

Rosenblueth 1975). The function is estimated 2N times, therefore involving a lot of 

computational effort when the number of variables involved (N) is high (Christian 

2013). 
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Hasofer-Lind method: The reliability index obtained by FOSM gives different 

results if the safety function is represented in terms of margin of safety (M) and the 

factor of safety (F), even though M=0 and F=1 represent the same event. Moreover, 

the distribution of F is required to be assumed beforehand (e.g. normal, lognormal, 

etc.) in order to evaluate the reliability index and probability of failure. Both of 

these limitations are overcome by using the Hasofer-Lind method (Baecher and 

Christian 2005). This method provides a geometric representation of the reliability 

index as the distance between the function representing the failure condition and 

the ‘peak of the multivariate distribution’ of the uncertain parameters (Baecher and 

Christian 2005; Christian 2004; Hasofer and Lind 1974).  

Monte Carlo simulation: In this method, the distribution of the uncertain input 

parameters, in terms of mean, standard deviation and the distribution pattern, is 

provided to the computer simulator (Baecher and Christian 2005; Christian 2004; 

Malkawi et al. 2000). A large number of data sets are used for these distributions 

to calculate the performance function (Christian 2013). The distribution of the 

performance function need not to known a priori, and the mean and its standard 

deviation are obtained at the end of the simulation (Babu and Srivastava 2010; 

Fenton and Griffiths 2010). The method is conceptually simple but requires 

significant computational effort to estimate the value of the performance function 

at each and every combination of the input data points. Usually, 30,000 to 40,000 

simulations are found to be sufficient to obtain acceptable results of reliability index 
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and performance function (Babu et al. 2007). The performance function, as a 

mathematical function of the uncertain input parameters, is not required in the 

Monte Carlo simulation method. Due to this advantage, the Monte Carlo simulation 

has been used in this study.  

The reliability index, obtained by any of the aforementioned methods, is 

considered as a measure of the probable performance of a structure under certain 

loading conditions. Hence the computed reliability index is often compared with 

the USACE (1997) guidelines (Figure 2-23) to judge the performance of the 

structure (Babu and Srivastava 2010; Babu et al. 2011; Wang and Kulhawy 2008). 

These guidelines are also be used in this study to evaluate the performance of the 

EM dam under different seismic loading conditions. 

 
Figure 2-23: USACE (1997) guidelines for reliability index 
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2.7 Liquefaction analysis 

Liquefaction analysis is one of the most interesting, yet complex topics in the field 

of geotechnical engineering (Chen et al. 2009; Kramer 1996; Xenaki and 

Athanasopoulos 2003). The effect of liquefaction first came to the attention of 

geotechnical engineers in 1964 when several structures such as slopes, bridges and 

building foundations were affected by the Good Friday earthquake in Alaska and 

the Niigata earthquake in Japan (Ayothiraman et al. 2012; Kramer 1996; Siegel 

2013). The term ‘liquefaction’, originally coined by Mogami and Kubu (1953), 

encompasses different but related phenomena, in which the saturated soil loses it 

strength during cyclic, monotonic or transient undrained loading conditions 

(Kramer 1996). Liquefaction can be mainly classified into flow liquefaction, cyclic 

liquefaction and cyclic softening.  

Flow liquefaction is not commonly observed in the field and is applicable 

to loose cohesion-less soils which exhibits strain softening behavior during 

undrained loading (Kramer 1996; Marcuson 1978; Robertson et al. 1995). This 

occurs when the in-situ static shear stress in loose sands is greater than the 

undrained steady-state shear strength. The undrained steady-state strength is the 

resistance offered by the soil at high strain levels during undrained shearing (Castro 

et al. 1992; Finno et al. 1996; Krahn 2004a; Kramer 1996; Thevanayagam 1998). 

Soils susceptible to flow liquefaction has a “collapsible soil-grain structure” and 

experiences significant strength loss on touching the collapse point (Figure 2-24) 
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(Krahn 2004a). The flow failure is also accompanied by high strain and 

deformation. 

 
Figure 2-24: Stress path for loose-sand under monotonic loading 

(after Krahn 2004) 

The flow liquefaction can be triggered by a dynamic loading condition, but 

once triggered, the static stresses can act as the driving force for the flow failure 

(Kramer 1996; Robertson and Cabal 2015). Laboratory tests on isotropically 

consolidated specimens, having different confining pressures, are found to reach 

the same undrained steady state shear strength, when the consolidated specimens 

have the same void ratios prior to shearing (Idriss and Boulanger 2008; Kramer 

1996). The collapse point for the different specimens can be joined by a straight 

line to form the collapse surface (Figure 2-25). The collapse surface demarcates the 

stress-states in a soil which may be susceptible to flow liquefaction.  
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Figure 2-25: Definition of collapse surface 

 (after Krahn 2004) 

The definition of the collapse surface is extremely important for performing 

a flow liquefaction analysis on loose sands having “collapsible soil-grain 

structure”. The collapse surface is defined in terms of the undrained steady-state 

strength and the inclination of the collapse surface. Both of these parameters can 

be obtained by performing CU triaxial tests on specimens of loose sand (Krahn 

2004a; Kramer 1996).  

The collapse surface is used to determine if the soil is susceptible to flow 

liquefaction. If the stress state (p’-q values) lies below the collapse surface (point 

B in Figure 2-26), the soil will not experience flow liquefaction at its static stress 

condition (Chillarige et al. 1997; Krahn 2004a; Kramer 1996). However, if a 

trigger, such as dynamic loading condition, brings the new stress state on the 

collapse surface, the initial static stresses will drive the flow failure and will be 

accompanied with dramatically high values of deformation, till the steady state 

strength is mobilized (Figure 2-26). At the steady state, further deformation does 
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not result in any change in void ratio (critical void ratio) and the steady-state 

strength solely depends on the initial void ratio, before undrained shearing started 

(Kramer 1996).  

 
Figure 2-26: Undrained dynamic loading triggering flow liquefaction 

(after Krahn 2004) 

Cyclic liquefaction is the other type of liquefaction which is more often 

observed in the field, as compared to flow liquefaction. The three different 

scenarios which may result in cyclic liquefaction, are shown in Figure 2-27. A brief 

overview has been provided in this section; interested readers may refer to Kramer 

(1996) for detailed explanation.  

The first case (Figure 2-27a) occurs when the summation of static (τstatic) 

and the maximum cyclic shear stress (τcyc) is less than the undrained steady state 

shear strength and stress reversal does not occur. There may be scenarios when the 

summation of static (τstatic) and the maximum cyclic shear stress (τcyc), is greater 

than the undrained steady state shear strength but is not accompanied with stress 

reversal (Figure 2-27b). The third case occurs when the summation of static (τstatic) 
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and maximum cyclic stress (τcyc), is less than the steady state strength but the 

magnitude of the peak cyclic stress is more than the static stress, resulting in stress-

reversal (Figure 2-27c). 

 

Figure 2-27: Three scenarios of cyclic liquefaction  

(after Kramer 1996) 

In all the cases, the dynamic loading results in an increase in pore water 

pressure and subsequent decrease in p’ due to undrained conditions. In the first 

case, the generation of excess pore water pressure brings the stress path to the 

drained failure envelope. However, the stress path cannot move to the left of the 

failure envelope, hence continued dynamic loading causes the stress path to 

oscillate along the failure envelope. The low values of effective confinement (p’) 

and reduced stiffness are associated with accumulation of permanent strain with 

each cycle of loading.  

In the second case, the development of excess pore water pressure causes 

the stress path to move left (decrease in p’) till the stress path touches the collapse 

surface (flow liquefaction surface). This results in flow liquefaction and the shear 

strength drops to the undrained steady state strength and it associated with large 
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deformations, typically observed in case of flow liquefaction. Further cyclic 

loading causes the stress path to move along the drained failure envelop, similar to 

the first case. In the third case, the sign of the shear stress changes with every cycle 

(i.e. compression and extension) as the stress path crosses the q=0 line and is 

associated with high rate of pore pressure generation. The stress path moves to the 

left and finally follows the compression and extension drained failure envelope. In 

each cycle, the stress path passes twice through the origin, which represents a state 

of zero effective stress. However, this state does not necessarily imply zero shear 

strength. Further application of monotonic load on the specimen, causes dilative 

behavior (since effective confinement is also 0), leading to the reduction in pore 

water pressure and movement of the stress path towards the undrained steady state 

strength.   

Unlike flow liquefaction, cyclic liquefaction can occur in both loose and 

dense sand, when the initial static shear stress is less than the undrained steady state 

strength (Kramer 1996). Moreover, there is no definite initiation of cyclic 

liquefaction, as observed in cases of flow liquefaction (touching the collapse 

surface). The flow liquefaction is less commonly observed in the field as compared 

to cyclic liquefaction. However, the deformation associated with flow liquefaction 

is far greater than that observed in case of cyclic liquefaction (Kramer 1996).  

Assessing the possibility of flow liquefaction requires identifying if the soil 

has a “collapsible soil-grain structure”, which requires performing undrained 
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triaxial tests on undisturbed loose sand samples. Moreover, commercially available 

software packages require the undrained steady state strength and inclination of the 

collapse surface as the input parameters for identifying the locations in an earthen 

structure which may be susceptible to flow liquefaction (Krahn 2004a). Due to the 

unavailability of undisturbed samples extracted from the upstream shell of the EM 

dam, it is not be possible to assess if the sand shell is susceptible to flow 

liquefaction.  

The impact of cyclic liquefaction can be assessed using commercially 

available software packages. The analysis requires the use of suitable calibrated 

constitutive models and relations which can estimate the increase in pore water 

pressure, during seismic shaking simulations. Undrained cyclic triaxial tests on 

undisturbed samples are required to estimate the increase in pore water pressure 

and associated permanent strains, with each cycle of loading (Seed 1979). In 

absence of such test results, advanced constitutive models such as UBCSand or 

PM4sand cannot be used in the present study. Rather, the procedure outlined by De 

Alba et al. (1976) and Lee and Albaisa (1974) has been used to determine the pore 

pressure ratio function (equation 2.10). 

ru = 
1

2
 + 

1

𝜋
 𝑠𝑖𝑛−1 [2 (

𝑁

𝑁𝐿
)

1

𝛼
− 1]       (2.10) 

where, N is the equivalent number of uniform cycles for laboratory tests at 0.65 τmax 

for a given magnitude of earthquake (Figure 2-28) and NL is the number of cycles 
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required to cause liquefaction corresponding to different shear stress ratios (cyclic 

number function).  

The cyclic number function is supposed to be determined from laboratory 

test on undisturbed samples. However, due to lack of test results, the cyclic number 

functions have been adopted from the literature based on the type of sand (dense, 

medium dense, medium loose and loose) observed from bore log information.  

Lastly, the third type of liquefaction, known as cyclic softening, occurs in 

the fine-grained soil when the shear stress due to dynamic loading conditions 

exceeds the undrained shear strength of the soil (Kramer 1996; Robertson and 

Cabal 2015). This type of liquefaction does not occur often. Even if it happens, the 

associated deformation is not significant due to the cohesive strength of the fine-

grained soils (Robertson and Cabal 2015). Hence, this type of liquefaction is not 

considered in this study. 
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Figure 2-28: Equivalent number of cycles for laboratory testing for different 

earthquake magnitudes 

 (after Kramer 1996)  

2.8 Recommendations by different agencies 

This section presents the factor of safety (Table 2-4), pseudo-static coefficient 

(Table 2-5), allowable permanent deformation (Table 2-6 for Newmark type 

analysis) and reliability indices (Table 2-7) recommended by different agencies. 

Manuals, guidelines, reports and other types of existing literature were reviewed 

for different agencies including United States Society on Dams (USSD), United 

States Army Corps of Engineers (USACE), US Bureau of Reclamation (USBR), 

National Resources Conservation Services (NRCS), Federal Emergency 

Regulation Commission (FERC), Federal Emergency Management Agency 

(FEMA), California Division of Safety of Dams (CDSOD), Texas Commission on 

Environmental Quality (TCEQ) and California Geologic Survey (CGS). 
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Table 2-4: Recommended factor of safety for static and pseudo-static analysis 

 (after USSD 2007) 

Agency Loading condition Stress parameter Factor of safety 

USACE Long-Term Effective 1.5 

USBR Steady-State Seepage Effective 1.5 

NRCS Steady-State Seepage Composite 1.5 

NRCS Steady seepage with EQ Total 1.1 

FERC Steady-State Seepage Total and Effective 1.5 

FERC Steady seepage with EQ Total and Effective >1 

FEMA 

FEMA 

Steady-State Seepage 

Pseudo-static 

Effective 

Composite 

1.5 

>1 

FEMA 

 

Pseudo-static Composite >1 

CDSOD Steady-State Seepage Effective 1.5 

CDSOD Pseudo-static Total 1.1 

TCEQ Steady-State Seepage Not specified 1.5 

TCEQ Pseudo-static Not specified >1 

 

Table 2-5: Recommended values of horizontal seismic coefficient  

 (after Melo and Sharma 2004) 
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Table 2-6: Amount of deformation and corresponding post-earthquake condition 

 (after USACE 2010) 

 

 CGS (2008) suggests that the Newmark deformation result should be used 

merely as an index to judge the post-earthquake serviceability of the structure and 

significant engineering judgement should be used to rely on the inferences drawn 

from the Newmark deformation analysis. It also suggests that a deformation of 0 to 

15 cm should not be causing significant damage to the structure. However, a 

Newmark displacement over 30 cm is considered unstable, as suggested by USACE 

(Table 2-6).  

Based on the above recommendations, the following target values of factor of 

safety, yield coefficient and Newmark displacement are selected and used to 

evaluate the condition of the dam:  

(a) Static factor of safety > 1.5; (b) Pseudo-static factor of safety > 1; (c) Yield 

coefficient > 0.1 and (d) Newmark displacement < 30 cm 

As described in section 2.6, reliability-based analysis has gained significant 

importance in the field of geotechnical engineering. The reliability-based approach 
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incorporates the effect of uncertainties associated with performing an analysis and 

the reliability index and the probability of failure are used to evaluate the expected 

performance of the structure (Table 2-7).  

Table 2-7: Expected performance level of structure based on reliability index 

 (after USACE 1997) 

 

2.9 Summary and research needs  

2.9.1 Improving coherence in a SASW field test 

SASW test is a widely used non-intrusive and non-destructive testing technique to 

obtain the subsurface shear wave velocity (and small strain shear modulus). Very 

often, the SASW test trials need to be conducted several times due to unacceptable 

coherence (coherence < 0.95). In such scenarios, the test needs to be repeated until 

a result with acceptable coherence is obtained. Even performing the test several 

times may not guarantee an acceptable data. It is thus necessary to modify the 

current testing procedure to improve the efficiency and repeatability of a SASW 

field test. Laboratory tests in a controlled test box and in-situ testing on the field 
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needs to be performed to study the improvement in the quality of data by suitably 

modifying the test procedure. The impact of erroneous estimation of Gmax on 

seismic response of an earthen embankment structure, subjected to a free-field 

acceleration time history data, also needs to be studied to comprehend the impact 

of erroneous estimation of the modulus values. 

2.9.2 Impact of erroneous estimation of Gmax values 

Review of existing literature provided some insight on the possibility of erroneous 

estimation (both underestimation and overestimation) of Vs using different methods 

available. Although the extent of deviation of the estimated Vs may depend on the 

testing technique or correlations used and vary from one site to another, it is evident 

from the available literature that a significant uncertainty remains in the estimation 

of shear wave velocity profile and small strain shear modulus. Since the shear wave 

velocity and small strain shear modulus are important parameters in seismic 

response analysis and slope stability analysis of earthen structures, it is expected 

that error in estimation of Gmax will affect the behavior of the structure to dynamic 

loading. Hence, the impact of such errors needs to be studied. 

Moreover, the in-situ tests (SASW, SCPT etc.) are mostly conducted on the 

crest of the dam; hence simplified assumptions are made regarding the Gmax of the 

shell of the dam. The dam is often idealized to consist of horizontal layers, and the 

material is assigned with the Gmax values obtained from in-situ tests conducted on 
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the dam crest. In some cases, the shell is considered to have uniform Gmax 

properties, whereas some analyses assume Gmax to increase as a function of 

effective mean stress. Hence it is necessary to study the influence of inaccurate 

estimation of Gmax of the shell of an earthen dam, on its seismic response. A 

sensitivity analysis is required to gain some understanding on the impact of 

erroneous estimation of Gmax, on the response of the earthen structure and the 

stability of its slopes under seismic loading conditions. 

2.9.3 A method to determine strain-dependent natural frequency  

The existing methods used to determine the natural frequency of an earthen 

embankment structure can provide the natural frequency corresponding to low 

strain levels. Due to non-linear behavior of soil, the response of an earthen dam to 

an earthquake excitation depends on the strain level experienced by different zones 

of the dam. For a zoned dam, hydraulic-fill dam or any other highly non-

homogeneous dam, the natural frequency obtained by free vibration analysis or 

Eigen value analysis, may not suitably portray the response of the structure at 

various strain levels experienced by different zones/segments of the dam, during an 

earthquake event (Abdel-Ghaffar and Scott 1979b; Mejia and Seed 1983). A 

method is hence required to predict the natural frequency of an earthen 

embankment structure taking into account the effect of non-linear behavior of soil.  
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2.9.4 Seismic slope stability analysis of the hydraulic-fill dam 

Earthen dams made of clayey soils, build on clay-rock foundations have been found 

to be safe during strong earthquakes when compared to dams having significant 

zones of sand (Seed 1981; Seed et al. 1978). Well-built dams, including some 

hydraulic-fill dams, have shown resilience to moderate shaking without significant 

damage (Ambraseys 1960a; Seed 1981). However, some hydraulic-fill dams such 

as the Lower San Fernando dam have been found to be extensively damaged by 

earthquakes (Foster et al. 2000; Seed et al. 1978). The susceptibility of earthquake-

induced damage was found to depend on the location of the dam. Recently in 2016, 

the United States Geological Survey (USGS) indicated Oklahoma-Kansas, the 

Raton Basin, North Texas, North Arkansas, and New Madrid to be high seismic 

hazard zone due to induced seismicity.  This necessitates the evaluation of earthen 

dams located in this region, which at the time of construction might not have been 

specifically designed to withstand earthquake loading conditions. In this study, the 

stability of Eagle Mountain Dam, an eighty-five-year-old hydraulic-fill dam located 

in Fort Worth, Texas is evaluated. Pseudo-static approach along with permanent-

displacement method have been used to perform the preliminary seismic slope 

stability analysis.      

Although commercially available software packages have made it easy to 

perform seismic stability analysis, the efficacy of the analysis depends on the 

accuracy with which the dam is modelled.  The embankment structure is often 



125 

 

idealized as a zoned structure with the respective averaged material properties 

assigned to the individual zones, such as shell, core and foundation (Babu et al. 

2007; Boulanger and Montgomery 2016; Pelecanos 2013; Tezcan et al. 2001). The 

accuracy of a subsequent analysis result may be questionable since this crude 

approximation of assigning averaged values of different material properties at 

different zones of a dam section may not portray the actual field conditions.  

The epistemic uncertainty, that includes site characterization uncertainty, 

model uncertainty, and parameter uncertainty (Baecher and Christian 2005), makes 

the evaluation of the safety of the hydraulic-fill structures even more challenging. 

Significant engineering judgement, based on prior experience, is thus required in 

such cases and a substantial degree of uncertainty is associated in estimating the 

material properties (Babu and Srivastava 2010; Duncan 2000; Griffiths et al. 2010; 

Wolff 1996; Xiong and Huang 2017; Zhenyu et al. 2015). A probabilistic approach 

in terms of reliability-based analysis can provide important information on the 

impact of erroneous estimation of different material properties (Babu et al. 2007; 

Garevski et al. 2013; Liang et al. 1999; Yegian et al. 1991).  

A research study is required to address some of the key uncertainties 

including the material variability and seismic coefficient uncertainty. Probabilistic 

concepts need to be used to evaluate the stability of hydraulic-fill dams. Pseudo-

static approach along with decoupled permanent-displacement method is required 
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to perform the preliminary seismic slope stability analysis and assess the condition 

of the dam. The probability of failure of the slopes and the probable performance 

of the dam should be evaluated, based on the reliability index, to identify the critical 

sections of the dam, which may require proactive measures to avoid any 

catastrophic consequences. Furthermore, dynamic slope stability analysis with 

estimation of excess pore water pressure is also required to study the effect of 

strength loss in liquefiable soils, on the stability of the structure, during different 

earthquake events. 
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3. Chapter 3: Research Methodology 
 

3.1 Analysis steps 

This chapter presents the steps involved in performing the seismic response and 

stability analysis of hydraulic-fill dams, incorporating the effect of material 

variability and induced-seismicity. The necessities of the individual tasks and the 

link between the different steps are explicitly explained in this chapter. The major 

tasks involved in this study are shown in Figure 3-1 and the steps followed to 

perform the stability analysis is depicted in Figure 3-2. 

The first and most crucial step for performing seismic response and stability 

analysis was to determine the geomaterial properties required for the analysis. 

Extensive in-situ and laboratory tests database on samples collected along the crest 

and downstream toe of the dam was available for the present study. The relevant 

information on material properties, such as coefficient of permeability, volumetric 

water content, unit weight, shear strength parameters and Atterberg limits, were 

compiled and grouped based on the soil types. Small strain shear modulus values 

were determined from the shear wave velocity profile determined from spectral 

analysis of surface waves (SASW) tests. 
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Figure 3-1: Major tasks involved in the study
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The SASW test procedure involves striking the ground surface with an 

impact source (typically a hand-held hammer) to generate Rayleigh waves of a wide 

range of frequencies. However, the test needs to be repeated several times to attain 

an acceptable value of coherence (> 0.95). The testing technique had to be modified 

to improve the repeatability and efficiency of the SASW test before conducting the 

in-situ test on the crest of the dam. The necessity of improving the efficiency of the 

testing method and its impact on seismic response analysis had to be evaluated to 

justify the importance of accurately determining the small strain shear modulus.  

A significant uncertainty and chance of variability were associated with the 

assessment of shear strength parameters, owing to the hydraulic-fill method of 

construction. Even though geostatistics-based kriging analysis was used to 

interpolate the material properties interpreted from in-situ tests, a reliability-based 

analysis was necessary to obtain valuable information on the impact of the 

uncertainties involved in estimating the shear strength parameters, on the slope 

stability analysis results. A reliability-based pseudo-static static analysis was thus 

performed to evaluate the probability of failure during different earthquake events 

and assess the probable performance of the dam. 

Although the pseudo-static analysis provides an index of probable 

performance of a dam during seismic events, it does not include the effect of the 

response of the structure during earthquake excitations. Hence a time-history based 
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shaking analysis was required to study the behavior of the structure during seismic 

events. Time-history data needed for dynamic analysis is usually available for dams 

located in earthquake-prone zones. However, the EM dam is located in Texas, a 

state which does not have a considerable history of strong earthquake motions. 

Nevertheless, Texas has been declared to be a seismic hazard zone due to induced 

seismicity (USGS 2016). Hence a natural frequency based approach was required 

to select time-history data to be used for the analysis.  

The earthquake data, with varying peak ground accelerations, had to be 

selected such that predominant frequency of some of the earthquakes were close to 

the natural frequency of the dam. This would facilitate the study of the stability of 

the slopes in the event of a resonance condition. Thus, the natural frequency of the 

structure had to be estimated for the different sections of the EM dam. The 

conventional methods to determine the natural frequency does not include the effect 

of non-linear material behavior, experienced during seismic loading conditions. It 

was thus necessary to develop a method which can predict the earthquake-induced 

strain-dependent degradation of natural frequency. Newmark deformation and 

dynamic slope stability analysis were then performed using suitable earthquake 

excitations to estimate the accumulated earthquake-induced deformations and 

evaluate the stability of the slopes, respectively.  



131 

 

Several hydraulic-fill dams around the world have a history of 

unsatisfactory performance during seismic events due to liquefaction of the sand 

layers. Hence liquefaction analysis was necessary, especially for the saturated 

upstream sand shell of the EM dam. Cyclic liquefaction analysis with the estimated 

increase in pore water pressure was required to study the stability of the dam when 

some portions of the sand shell get liquefied. Furthermore, flow liquefaction 

analysis was necessary for the foundation sand layers to assess the chances of flow 

type failure, which is usually associated with excessive deformation. Finally, the 

probable performance of different sections of the dam had to be comprehensively 

evaluated from the results obtained from static, pseudo-static, Newmark 

deformation, reliability-based analysis, dynamic stability and liquefaction analysis. 

The critical zones had to be identified which may require pro-active remedial 

measures to avoid any unwanted circumstances. 

The entire regime of dynamic analyses were performed using the shear 

modulus estimated from SASW field tests conducted along the crest of the dam. 

However, previously published literature suggested/indicated that the small strain 

shear modulus determined by different techniques (in-situ tests, laboratory tests, 

and correlation equations) usually differs from one another, resulting in significant 

uncertainty in the estimated values. Hence a sensitivity analysis was performed to 

assess the effect of inaccurate estimation of small strain shear modulus, stemming 

out of the inter-method or intra-method variability. It was also necessary to evaluate 
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the relative importance of the accuracy of the estimated modulus values at different 

locations of the dam and determine the location from which undisturbed samples 

should be extracted and tested in the laboratory, in case of critical projects. 

 

Figure 3-2: Stability analysis steps 

3.2 Summary 

 

This chapter presented the analyses steps and tasks involved in this research study. 

The shear wave velocity profile of the EM dam and the method proposed to 

improve the quality and repeatability of SASW field test are presented in chapter 

4. The obtained subsurface shear moduli were used as input parameters for the finite 
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element models of the dam, to determine the natural frequency of the dam sections 

and for performing the dynamic analyses. 

The novel method developed to determine the strain-dependent natural 

frequency of embankment structures is elucidated in chapter 5. The variation of 

natural frequency along the length of the dam, owing to the material variability and 

method of construction, is also provided in chapter 5. The earthquake time-history 

data, required for performing a dynamic analysis were selected based on the 

estimated natural frequency of the dam sections. The behavior of the structure under 

resonance and non-resonance condition was studied to evaluate the performance of 

the dam under probable seismic events. The results of the comprehensive slope 

stability analyses are presented in chapter 6.  

The sections of the dam, which may be critical during seismic events, were 

first identified using the simple pseudo-static slope stability analysis. Reliability 

analyses were subsequently used in this study to capture the effect of uncertainty 

associated with the estimated shear strength parameters, on a pseudo-static slope 

stability analysis. Although pseudo-static analysis provides an index of the 

performance of dam during probable earthquake events, it does not include the 

effect of the response of the dam during seismic shaking. Moreover, the chances of 

liquefaction and its influence on the stability of the slopes cannot be studied using 

a pseudo-static approach. The dynamic stability analyses results, incorporating the 
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effects of cyclic liquefaction and flow liquefaction of the sand layers of the dam, 

are also presented in chapter 6. Based on the analysis results, the critical sections 

of the dam were evaluated, and the earthquake conditions which may have the most 

detrimental impact on the dam were also determined. 

The analyses results presented in chapters 5 and 6, and their implications, 

were solely based on the subsurface shear modulus values estimated from the 

SASW test results (chapter 4) and used for performing the analyses. However, the 

literature suggests the chance of making a wide margin of error while estimating 

the modulus values using different estimation techniques. The impact of inter-

method and intra-method variability, associated with the estimation of subsurface 

shear moduli, on the seismic response and slope stability analyses results, is thus 

explored using a sensitivity analysis in chapter 7. Lastly, the conclusions are drawn 

from the analyses results of this research study, and scope of future research are 

highlighted in chapter 8.   
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4. Chapter 4: Estimation of Shear Modulus of Dam Embankment 

Layers 

4.1 Introduction 
 

This chapter presents the subsurface Vs profiles determined by conducting SASW 

field tests on the crest of the EM dam. The trial tests conducted using conventional 

hand-held hammers suggested the coherence to be unacceptable for many of the 

trials. Hence the test had to be repeated several times to achieve an acceptable result 

(coherence > 0.95). A method to improve the efficiency and acceptability of the 

SASW test was therefore needed. This chapter details the technique developed to 

improve the quality of the SASW test result, by using constant impact energy for 

each strike/repetition. The applicability of the method in enhancing the coherence 

in a SASW field test was verified by conducting extensive tests in a controlled test 

box in the laboratory, as well as by performing the tests on the crest of the EM dam. 

The shear wave velocity profile obtained by conducting the SASW test at different 

sections of the dam is provided at the end of this chapter. These results will be later 

used in chapter 5 for determining the natural frequency of the dam and in chapter 6 

for the time-history based dynamic stability analysis of the dam slopes. The 

contents of this chapter have been accepted for publication in ASTM Geotechnical 

Testing Journal and are being re-used with permission from ASTM GTJ (Appendix 

A). 
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4.2 Background 

Small strain shear modulus (Gmax), which refers to strain levels less than 0.001 %, 

is an important parameter used in geotechnical engineering projects dealing with 

dynamic loading conditions (Addo and Robertson 1992; Aouad et al. 1993; 

Chakraborty et al. 2019a; Hiltunen and Woods 1988; Joh 1996; Nazarian and 

Stokoe II 1983; Nazarian and Stokoe 1985; Sanchez-Salinero et al. 1986; Stokoe et 

al. 1991). Over the last few decades, several advancements have been made in 

determining Gmax by field tests, including the crosshole test, downhole test, and 

seismic cone penetration test, and laboratory tests such as the resonant column and 

bender element tests. These field tests are intrusive in nature (Stokoe et al. 1991), 

whereas the laboratory tests require undisturbed samples and hence do not 

accurately provide the modulus values at actual field conditions. Under such 

circumstances, a non-destructive testing technique, like the spectral analysis of 

surface waves (SASW), is a feasible option for determining the subsurface stiffness 

profile. 

SASW is a non-intrusive and non-destructive testing technique widely used 

to determine the in-situ shear wave velocity and small strain shear moduli of 

subsurface layers. The test philosophy is based on the dispersive nature of Rayleigh 

waves, which are used to calculate the shear wave velocity (Addo and Robertson 

1992; Al-Hunaidi 1993; Kramer 1996; Kumar and Hazra 2014; Kumar and 

Rakaraddi 2013; Nazarian and Stokoe II 1983; Nazarian and Stokoe 1985; Stokoe 
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et al. 1991). Rayleigh waves are used because two-thirds of the impact energy of a 

vertically oscillating impact source emanates as Rayleigh waves, and Rayleigh 

wave energy varies as 1/√r when compared with shear wave energy, which varies 

as 1/r2, where r is the distance from the impact source (Miller and Pursey 1955). 

Hence, at a given distance from the source of the impact, most of the energy 

received by geophones is in the form of Rayleigh waves. A brief overview of the 

test procedure is presented here; a detailed description can be found elsewhere 

(Heisey et al. 1982; Nazarian and Stokoe II 1983; Nazarian and Stokoe 1985; Sheu 

1987; Stokoe et al. 1991). 

The first and most important step for SASW testing is to conduct the test on 

the field and obtain an acceptable representative subsurface information about the 

site. The test is performed by placing a pair of geophones at a predetermined 

spacing on the ground surface and using an impact source to generate Rayleigh 

waves. Subsequent tests are conducted to get information about deeper subsurface 

layers by increasing the distance between the geophones to twice of that used for 

the previous test, following common receiver midpoint geometry (Mancuso and 

Vinale 1993; Nazarian and Stokoe 1985; Stokoe et al. 1991). Hand-held hammers 

or sledge hammers of varying weights are the impact sources most commonly used, 

and the quality and acceptability of the test are judged based on the coherence and 

wrapped phase information obtained at the time of the test.  
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The coherence function is a measure of the quality of the signal, and is an 

important parameter used for deciding the acceptability of a SASW field test 

(Heisey et al. 1982; Joh 1996; Kumar and Hazra 2014; Kumar and Rakaraddi 2013; 

Mukherjee and Prashant 2009; Nazarian and Stokoe II 1983; Nazarian and Stokoe 

1985; Stokoe et al. 1991; Suits et al. 2008). A coherence close to 1 implies that the 

wave of a certain frequency was received by both the geophones used for the SASW 

test (Kumar and Hazra 2014; Kumar and Rakaraddi 2013). A high coherence also 

ensures a high signal to noise (S/N) ratio, which is required for the acceptability of 

a field test. This confirms that the power of the output signal (far geophone) was 

actually due to the input signal (near geophone), of the same frequency.  

The primary reason for a low value of coherence is that the frequencies that 

are excited at the input are not received/measured at the output. Background noise, 

improper excitation of waves of certain frequencies, or inadequate frequency 

resolution during signal digitization, or combinations thereof also lead to decrease 

in coherence (Heisey et al. 1982; Kumar and Hazra 2014; Nazarian and Stokoe II 

1983). A threshold value of coherence greater than 0.95 is thus recommended, and 

has been used by other researchers to decide the frequency range where the phase 

data can be used for further analysis (Addo et al. 1993; Mukherjee and Prashant 

2009; Sayyedsadr and Drnevich 1989; Sheu 1987; Thorel et al. 2006). 
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For a given geophone spacing, the same test is repeated four to five times 

in order to strengthen the signal and reduce the effect of background noise by 

averaging the data in the frequency domain (Al-Hunaidi 1993; Heisey et al. 1982; 

Marosi and Hiltunen 2004; Mukherjee and Prashant 2009). Figure 4-1a shows 

typical raw data plots in the time domain, for four repeated strikes in a SASW test. 

The coherence and phase plot obtained after accepting the four repetitions (stacked 

signals) is provided in Figure 4-1b and Figure 4-1c, respectively. The frequency 

range having coherence > 0.95 (shown by dashed red line in Figure 4-1b) can be 

used for generation of the dispersion curve, after masking the region having 

unacceptable coherence (Figure 4-1c). A dispersion curve, depicting the variations 

of phase velocity with respective wavelengths, is then obtained from the data 

collected from field testing. The dispersion curves for all of the varying distances 

between geophones are combined to obtain the global dispersion curve (Marosi and 

Hiltunen 2004; Nazarian and Stokoe II 1983; Nazarian and Stokoe 1985; Stokoe et 

al. 1991; Suits et al. 2008).  

For each geophone spacing (D), a maximum wavelength of 3D may be used 

for generating the dispersion curves. An upper limit of 3D is generally used since 

it is expected that a surface wave of higher wavelength may not fully develop for a 

geophone spacing of D (Addo and Robertson 1992; Al-Hunaidi 1993; Rix 1990; 

Sheu 1987). The number of subsurface layers, layer thickness, density, Poisson’s 

ratio, and Vs are assumed, and the theoretical dispersion curve is determined by 
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performing the inversion analysis (Addo and Robertson 1992; Al-Hunaidi 1993; 

Joh 1996; Nazarian and Stokoe II 1983; Nazarian and Stokoe 1985; Stokoe et al. 

1991).  

The assumed material properties for the different layers are initially 

assigned over a depth equal to the maximum wavelength (=3D) of the Rayleigh 

wave, which is expected to develop during field testing (Brown et al. 2000). The 

layer thickness, Vs and Poisson’s ratio are modified after each iteration so that the 

theoretical and field dispersion curves almost match. The final Vs profile, which 

provides a dispersion curve similar to that obtained from field tests (Root Mean 

Square (RMS) error between the field and theoretical dispersion curves < 10), is 

used for subsequent analysis.      

One of the key challenges of SASW testing is obtaining a coherence value 

close to one (1) for the frequency range of interest. Very often, due to unacceptable 

coherence (coherence < 0.95), the test trials need to be conducted several times, 

until a result with an acceptable coherence value is obtained (Al-Hunaidi 1992; Joh 

1996; Nazarian and Stokoe 1985). Even performing the test several times may not 

guarantee an acceptable data. The purpose of the current study was to study the 

effect of using an impact source of constant energy (for all four repetitions in a test) 

in order to generate Rayleigh waves with almost identical sets of frequencies. 
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Figure 4-1: (a) Typical raw signals in time domain; (b) Coherence function and 

(c) Wrapped phase of stacked signals 

Laboratory tests in a controlled test box and in-situ testing at a field site 

were performed to study the improvement in the quality of data obtained by using 
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a constant impact energy source. The following sections present the experimental 

studies, test results, and analyses performed in this study. 

4.3 Experimental Program 

The experimental program was designed and conducted to study the improvement 

in coherence value upon using an impact source of constant energy. A series of 

laboratory and field tests were conducted to study the effects of constant and 

varying-impact energy on the quality of data, based on coherence value. Laboratory 

tests were performed in a metal box filled with compacted soil, while the field tests 

were performed on the crest of EM dam in North Texas. The following sections 

present the details of the tests that were performed. 

4.3.1 Laboratory testing 

The laboratory test studies were performed in a metal box with dimensions of 1.5 

m by 0.60 m by 0.45 m. The soil, with a water content of 21 % and bulk density of 

18.3 kN/m3, was manually compacted in six layers, using a square head rammer. 

Basic soil characterization tests, including Atterberg limits, specific gravity, 

standard Proctor compaction, and the composition of soil were determined in 

accordance with ASTM standards (ASTM D4318 - 10e1; ASTM D854 – 14; 

ASTM D698-12e2; ASTM C136/C136M-14; ASTM C117-13; ASTM D7928-17). 

The results are reported in Table 4-1. The soil was classified as fat clay with sand 

(CH), as per USCS soil classification (ASTM D2487 – 11).  
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Table 4-1: Basic soil characterization results 

Property Magnitude 

Specific Gravity 2.72 

Liquid Limit (%) 60 

Plastic Limit (%) 26 

Plasticity Index (%) 34 

Optimum Moisture Content (%) 21 

Maximum Dry Density (KN/m3) 20.2  

Gravel (%) 0.1 

Sand (%) 16.2 

Silt (%) 31.4 

Clay (%) 52.3 

  The main intent of the box testing was to have a controlled test section for 

studying the effects of using constant and varying impact energies to generate 

Rayleigh waves, for four repetitions in a SASW test, on coherence value and 

dispersion curves. Changes in the coherence and quality of data were observed 

when an impact source of constant energy was used for all four of the repetitions. 

A random height for the fall of the hammer was used for all four repetitions, to 

simulate the effect of using a hand-held hammer (referred to as V-L test, implying 

variable impact energy applications for four repetitions in the laboratory test). A 

constant energy of 2.8 J was delivered by dropping a 2.2 kg drop hammer from a 

height of 13 cm (referred to as C-L test, implying constant impact energy 

application for four repetitions in the laboratory test). Figure 4-2 shows the metal 

box with the drop hammer used for performing SASW tests in the laboratory. 
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Figure 4-2: Experimental setup for laboratory test 

SASW tests were conducted on the surface of the soil compacted in the test 

box. The distance from the impact source to the first geophone and the spacing 

between geophones were maintained at 0.6 m for all of the tests. The impact source 

and pair of geophones were aligned in a straight line. The hammer was dropped on 

a metal plate that was placed on the soil surface, instead of directly striking the 

surface of compacted soil (Kumar and Rakaraddi 2013).  

Series of tests were performed with both random and constant height of fall 

of the hammer, and the data was analyzed. It should be noted that the Vs profile was 

not determined (i.e., inversion analysis was not performed) for the tests performed 

in the metal box, as the presence of the metal confining box could result in an 

erroneous estimation of the Vs profile. Since both types of tests, V-L and C-L, were 

conducted in the presence of the metal box, it is reasonable to assume that 
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performing a comparative study on the effect of using constant and varying impact 

energy on coherence would not be significantly affected by the boundary effects of 

the box, since the boundary effect of the box are expected to affect both the type of 

test results to the same degree.     

4.3.2 Field testing  

The main objective of conducting field tests was to study the effects of the two test 

methodologies on coherence value and subsequent estimation of Vs profile. Gmax, 

an important parameter for seismic response analysis of an earth dam, is often 

determined by the SASW test. Hence, the SASW field tests for both constant and 

varying impact energy sources were conducted at an earthen dam site. The tests 

were conducted on the crest of Eagle Mountain Dam located in Tarrant County, 

Texas, USA. The dam was built in early 1930’s, using the hydraulic-fill 

construction procedure. Eagle Mountain Lake and its facilities serve as a water 

supply resource for Fort Worth, Texas, for municipal, industrial, and irrigation 

purposes, and also act as a resource for public transportation and recreational 

facilities, such as fishing and boating. The natural geological profile of this site 

consists of Paluxy sandstone and shale.  

Two sets of SASW tests were conducted on the crest of the dam, similar to 

those conducted in the laboratory test setup. The first set was performed with a 

random height of fall of a hammer in the test (referred to as the V-F test and 
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implying variable impact energy for four repetitions in a field test). A constant drop 

height of drop hammer was used for the second set of tests (referred to as the C-F 

test and implying constant impact energy for four repetitions in a field test). The 

tests were conducted with three different spacing between the two geophones, 0.6 

m, 1.2 m, and 2.4 m, following common receiver midpoint geometry, as shown in 

Figure 4-3 (Mancuso and Vinale 1993; Nazarian and Stokoe 1985; Stokoe et al. 

1991). A 2.2 kg hammer, with a drop height of 0.3 m, was used for conducting tests 

with a geophone spacing of 0.6 m and 1.2 m. Whereas, for conducting tests with a 

geophone spacing of 2.4 m, a 4.5 kg hammer and a drop height of 0.45 m, was used 

to impart a higher energy required to obtain information of deeper layers. The signal 

sensitivity of the geophones was modified based on geophone spacing, weight of 

the hammer used and site conditions. Figure 4-4 presents the test setup in the field, 

with a spacing of 2.4 m between the geophones. G1 and G2 shown in Figure 4-3 

and Figure 4-4, denotes the near and far geophones (from impact source), 

respectively.  It should be noted that the spacing selected in this study is considered 

adequate to demonstrate the effectiveness of using constant impact energy in 

SASW field tests. Additional tests were conducted with the aid of a sledgehammer 

for greater spacing between geophones to get information of deeper layers. The 

effectiveness of a constant impact energy was however studied based on the test 

conducted with the drop hammer, for receiver spacing of 0.6m, 1.2m and 2.4m. 
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Figure 4-3: Layout of common receiver midpoint geometry 

 

Figure 4-4: Field SASW test setup 
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The distance from the impact source to the nearest geophone (G1) was equal 

to the distance between geophones for each of the tests (Figure 4-3). Similar to the 

laboratory box testing, the hammer was dropped onto a steel plate, rather than onto 

the ground surface. In addition to comparing the coherence function for the two sets 

of tests, the dispersion curve and the Vs profile were also determined. For each 

geophone spacing, the ground surface was struck four times (i.e. four repetitions) 

and the test was accepted or rejected solely based on the coherence displayed on 

the data logger.  

4.4 Analysis and discussion of results 

4.4.1 Laboratory tests 

This section presents the laboratory test results and analyses performed to 

investigate the effect of impact energy on the coherence function. The preliminary 

judgment of accepting or rejecting the test was made from the plot of coherence 

values versus frequency (generated after accepting four repetitions for each test). 

Figure 4-5 depicts the two representative SASW test results obtained for the V-L 

tests.  

In each set of test results, two plots are shown: one presenting the coherence 

data plot (Figure 4-5a and Figure 4-5c) and the other showing the wrapped phase 

plot (Figure 4-5b and Figure 4-5d). The phase data and the corresponding coherence 

plot, which are shown in the following sections are obtained after accepting each  
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Figure 4-5: Results from two V-L Tests: (a) and (c) Coherence function; (b) and 

(d) Wrapped phase (0.6m geophone spacing) 

of the four repetitions and is based on the result obtained after averaging the data 

in the frequency domain. The coherence plot represents the quality of the test data, 

and the wrapped phase plot represents the phase lag of a Rayleigh wave of a given 

frequency between the two geophones. The acceptable threshold value of coherence 
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(0.95) has been marked by a red dashed line in all the following plots of coherence 

function. The phase lag was determined by unwrapping the phase data and 

identifying the number of 360˚ jumps.  

The mathematical equations used to calculate the coherence and wrapped 

phase are provided in Equations 4.1 to 4.5. The detailed explanation of coherence 

and unwrapping of phase data can be found elsewhere (Heisey et al. 1982; Joh 

1996; Kumar and Hazra 2014; Kumar and Rakaraddi 2013; Nazarian and Stokoe II 

1983; Nazarian and Stokoe 1985; Stokoe et al. 1991; Suits et al. 2008). 

𝐺𝑌1𝑌1 (𝑓) = 𝑌1
∗(𝑓) . 𝑌1(𝑓)                                            (4.1) 

𝐺𝑌2𝑌2
(𝑓) = 𝑌2

∗(𝑓) . 𝑌2(𝑓)                                               (4.2) 

𝐺𝑌1𝑌2
(𝑓) = 𝑌1

∗(𝑓) . 𝑌2(𝑓)                                                (4.3) 

𝐶𝑜ℎ𝑒𝑟𝑒𝑛𝑐𝑒 =  
|𝐺𝑌1𝑌2(𝑓)|2

𝐺𝑌1𝑌1 (𝑓).𝐺𝑌2𝑌2(𝑓) 
                                     (4.4) 

Φ wrapped (𝑓) = tan-1  
Imaginary(𝐺𝑌1𝑌2 )

Real (𝐺𝑌1𝑌2 )
, in degrees             (4.5) 

Where: 

 𝑌1(𝑓) and 𝑌2(𝑓) are the FFT of the signals received by the pair of geophones, 

𝑌1
∗(𝑓) and 𝑌2

∗(𝑓) are the complex conjugates of  𝑌1(𝑓) and 𝑌2(𝑓), respectively, 

𝐺𝑌1𝑌1 (𝑓) and 𝐺𝑌2𝑌2
(𝑓) are the auto spectrum (power at each frequency f) of the 

signals Y1 and Y2, respectively, 
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𝐺𝑌1𝑌2
(𝑓) is the cross power spectrum, a measure of mutual power between two 

signals. 

Figure 4-5 presents the coherence and phase data of two V-L tests and 

illustrates that there is a significant variation in coherence function and wrapped 

phase plots that were generated. As stated earlier, only data for the frequency range 

having a coherence value greater than 0.95 can be used for generating the dispersion 

curves. The phase data having an unacceptable coherence or having broken 

discontinuous phase should be masked and not used for further analysis (Figure 4-

1c). Hence, only two cycles of the wrapped phase, as shown in Figure 4-5a, can be 

used to generate the dispersion curve.  

Figure 4-5c depicts the data that was of such poor quality that it could not 

be further processed and used for analysis. It can be observed from Figure 4-5 that 

the coherence plots for the two tests are different, even though both the tests were 

conducted on the same test setup, using the same impact source. Hence, it can be 

concluded that the repeatability of the test is affected in case of V-L tests, and a 

greater number of tests is thus required to obtain an acceptable test with reliable 

SASW data.  

             Figure 4-6 represents a typical set of data obtained from C-L tests. Unlike 

the tests performed with varying height of fall of hammer (V-L tests), the tests 

conducted with constant height of fall (C-L tests) showed a coherence very close to 
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one (1) for a wide range of frequency. It can be observed in Figure 4-6 that the 

coherence was almost equal to one (1) over a wide frequency bandwidth for C-L 

tests. Thus, a greater number of cycles of the wrapped phase can be effectively used 

for generating the dispersion curve. This would facilitate generating the dispersion 

curve over a wider range of wavelengths, subsequently providing better overlap in 

dispersion curves generated for varying distances between geophones. 

 

Figure 4-6: Results from C-L tests: (a) Coherence function and (b) Wrapped 

phase 

Figure 4-7 shows the dispersion curves for three tests determined from the 

V-L and C-L tests. Figure 4-7a shows a significant deviation in the dispersion 

curve, using test results with low coherence. Conversely, Figure 4-7b shows 

identical dispersion curves generated for three C-L tests. The repeatability of the 
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SASW testing is hence significantly improved when an impact source of constant 

energy is used for all of the repetitions. The dispersion curve obtained for Test 1 of 

the V-L test (Figure 4-7a) is similar to those obtained for C-L tests (Figure 4-7b). 

Hence, multiple tests must be conducted with hand-held hammers at a given 

location to produce reliable test results. Conversely, using an impact source, which 

can impart constant energy for all of the repetitions in a SASW test, can render the 

test efficient, reliable, and repeatable. 

 

(a)                                                             (b) 

Figure 4-7: Dispersion curves: (a) V-L tests (b) C-L tests 

Figure 4-7 shows the significant improvement in the C-L test results when 

compared with V-L test results. In order to further investigate the reasons for this, 

a Fourier analysis was performed on the waveforms received by the geophones for 

each of the four repetitions of the V-L and C-L tests (Figure 4-8). It was observed 

that waves of different sets of frequencies were excited for each of the four 
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repetitions of the V-L test, due to the different levels of energy of impact (Figure 

4-8a). Whereas, Figure 4-8b shows that waves of very similar sets of frequencies 

were excited during the C-L tests. Hence, the Fourier analysis plot of the average 

of the four repetitions (in frequency domain) was almost identical to that obtained 

for each repetition of the C-L test.  

Since the same set of frequencies was excited by using constant impact 

energy, averaging the signal in the frequency domain reinforced the signal and 

reduced the noise in the signal. This led to an improvement in the coherence and 

quality of data, as shown in Figure 4-5 and Figure 4-6. However, the reduction in 

coherence (Figure 4-6) and deviation in FFT plots (Figure 4-8b) beyond 2500 Hz 

can probably be attributed to the attenuation of low wavelength (high frequency) 

surface waves (Heisey et al. 1982). 

 

(a) 
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(b) 

Figure 4-8: Fast Fourier Transform (FFT) of signal received by geophone (a) V-L 

test; (b) C-L test 

4.4.2 Field tests 

SASW tests were conducted at different sections along the crest of the dam. The 

improvement in the quality of the tests was similar to those of the laboratory tests. 

The SASW tests conducted in the field with constant impact energy (C-F) resulted 

in greater improved coherence than those conducted using variable impact energy 

(V-F). Figure 4-9 represents a typical set of results obtained, using the V-F method 

for 0.6 m geophone spacing. Several trials were required to obtain an acceptable 

test using variable impact energy, with the best test result having an acceptable 

coherence only for the initial cycles (Figure 4-9). It can be observed from Figure 4-

10 that coherence of one (1) was achieved for most of the frequencies for geophone 

spacing of 0.6 m for the C-F tests.  
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Figure 4-9: Test results from V-F tests: (a) Coherence function and (b) Wrapped 

phase (0.6m spacing) 

 

Figure 4-10: Test results from C-F tests: (a) Coherence function and (b) Wrapped 

phase (0.6m spacing) 



157 

 

Figure 4-11 and Figure 4-12 represent the typical V-F and C-F test results 

performed with geophone spacing of 2.4 m. When the geophone spacing was 

increased to 1.2 m or greater, the coherence was found to decrease after a few initial 

cycles (Figure 4-12), even upon using a constant energy source. This can be mainly 

attributed to the attenuation of high frequency (low wavelength) waves, which 

becomes significant when the geophone spacing is increased (Heisey et al. 1982). 

Such attenuation of high-frequency waves would result in low power in the signal 

received by the farthest geophone (G2), even though, the signal was received by 

the geophone close to the impact source (G1).   

Although a coherence of one (1) was not obtained for the entire frequency 

range, an improvement in the quality of data can be observed by comparing Figure 

4-11 (V-F) and Figure 4-12 (C-F), especially for a frequency less than 700 Hz. The 

results depicted in Figure 4-11a and Figure 4-11b were used for generating the 

dispersion curves and performing inversion analyses. The test results shown in 

Figure 4-11c and Figure 4-11d were rejected and could not be used for further 

analysis due to poor coherence. There was no significant impact of neglecting the 

low coherence data (at high-frequency range) for higher geophone spacing (e.g., 

2.4 m), since information about shallow layers was obtained from the data 

pertaining to lower geophone spacing (e.g., 0.6 m or 1.2 m).  
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Figure 4-11: Test results from two V-F tests: (a) and (c) Coherence function; (b) 

and (d) Wrapped phase (2.4m geophone spacing) 

Figure 4-13 shows the dispersion curves obtained by using the transfer 

function from the C-F and V-F tests for tests conducted at a particular section of 

the dam. The tests conducted with constant impact energy offered a good coherence 



159 

 

over a wide range of frequencies; hence, the dispersion curve was spread over a 

wide range of the wavelengths (Figure 4-13). A 0.6 m spacing between the 

geophones provided a dispersion curve of a minimum wavelength of 0.07 m for the 

C-F test, as compared to the minimum wavelength of 0.4 m for the V-F test.  Some 

of the data pertaining to subsurface layers are hence lost, due to unacceptable 

coherence, when performing tests with hand-held hammers. A greater number of 

V-F tests with shorter geophone spacing may be required under such circumstances. 

 

Figure 4-12: Test results from C-F tests: (a) Coherence function and (b) Wrapped 

phase (2.4m geophone spacing) 
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Figure 4-13: Dispersion curves used for inversion analysis 

A deviation in the dispersion curves can be observed between the C-F and 

V-F tests for 0.6 m geophone spacing (C-F_0.6m and V-F_0.6m, Figure 4-13). The 

dispersion curve for the two sets of tests for 2.4 m geophone spacing (C-F_2.4m 

and V-F_2.4m) were found to be similar up to a wavelength of 3 m. A prominent 

difference in the dispersion curves can be observed beyond wavelengths of 3 m, 

due to poor coherence in the low frequency zone (Figure 4-11a and Figure 4-11b). 

Inversion analysis was performed for tests conducted with constant and variable 

impact energy conditions.  

The inversion analysis of the respective entire global dispersion curves 

provided significantly different Vs profiles (Figure 4-14) due to the aforementioned 

reasons.  The variation in Vs (and hence Gmax) fluctuated significantly and 
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underestimated or overestimated the Vs of subsurface layers at various depths. A 

similar difference in the Vs profile was also observed for tests conducted at other 

sections of the dam. The Vs profiles obtained by C-F and V-F tests are estimated 

values of the actual Vs existing in the field; it was not possible to determine the 

actual in-situ Vs profile. Although the Vs profile obtained by the C-F tests may not 

be absolute, it is expected that the test results accurately portray the subsurface Vs 

profile because of the improvement in coherence (close to one (1) for C-F tests).  

 

Figure 4-14: Shear wave velocity profile obtained for C-F and V-F tests 
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4.4.3 Shear wave velocity profile 

The modified SASW testing technique was used to determine the subsurface shear 

wave velocity profile at eight different sections of the dam. The sections are 

designated by the station numbers, namely Stn. 5, Stn. 9, Stn. 14.5, Stn. 18, Stn. 22, 

Stn. 27, Stn. 33 and Stn. 39. The location of the station can be determined by 

multiplying the station number by 100 ft. (30.48 m) from the west end of the dam. 

The shear wave velocity profile at each of the stations is provided in Figure 4-15.  

These shear wave velocity profiles will be used in the subsequent analyses to obtain 

the small strain shear modulus of the dam embankment layers. 
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Figure 4-15: Shear wave velocity profile at different sections of the dam 
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4.5 Summary 

 

The quality and acceptability of a SASW test result are preliminarily judged based 

on the coherence and wrapped-phase data plots displayed on the data logger at the 

time of testing. Very often, test data needs to be rejected, due to unacceptable 

coherence displayed at the end of the test, and repeated until acceptable data with 

coherence > 0.95 (for the frequency range of interest) is obtained. The purpose of 

this research work was to study the improvement in coherence values when striking 

the ground surface with the same impact energy for four repetitions of a SASW 

test. Unlike the current SASW testing procedure, which uses impact sources like 

hand-held hammers or sledge hammers, a drop hammer with a constant height of 

fall was used to maintain constant impact energy to generate Rayleigh waves. 

 The variability in the coherence data was significant for tests conducted with 

variable impact energy. Conversely, a significant improvement in coherence 

was observed upon using an impact source capable of maintaining constant 

impact energy for multiple repetitions in a SASW test. The repeatability of the 

test at a given site was also found to improve by maintaining the impact energy 

used to strike the ground to generate Rayleigh waves. Consequently, this 

modified testing technique was found to be efficient and reliable.  

 Unlike the tests conducted with hand-held hammers, four strikes with identical 

impact energy generated waves with the same set of frequencies. This 
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strengthened the signal, while reducing the signal noise, resulting in a more 

accurate test with a high coherence value. This ensured the accurate 

determination of shear wave velocity profiles of subsurface layers. 

 Employing a source of constant impact energy facilitates a greater number of 

wrapped-phase cycles, with a wider frequency range, to generate dispersion 

curves. The loss of data pertaining to subsurface layers which could have 

occurred without the use of an impact source of constant energy can hence be 

minimized.  A better overlap in the dispersion curves, generated for various 

geophone spacing, facilitates the formation of a continuous global dispersion 

curve, thereby rendering the test results more reliable. 

 The shear wave velocity profiles obtained at eight different sections of the dam 

will be used in chapters 5 and 6 to obtain the small strain shear modulus of the 

dam embankment layers. These values will be used as input parameters for 

determination of the natural frequency of the two-dimensional plane strain 

models of the dam and for performing time-history based dynamic stability 

analyses. 
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5. Chapter 5: Estimation of Natural Frequency of the Dam  

5.1 Introduction 

Any time-history based dynamic analysis requires the acceleration time-history 

data of real earthquakes. These data are readily available for earthquake-prone 

regions, which has a history of past earthquakes. However, no such recorded data 

were available at the EM dam site. This necessitated developing a natural frequency 

based approach to select the time-history data for dynamic analysis. The natural 

frequency of the different sections of the dam had to be determined based on the 

shear wave velocity profile estimated in chapter 4. Earthquake data recorded at 

different stations in Oklahoma, Arkansas, and surrounding states were selected to 

encompass a broad spectrum of predominant frequency contents, which would 

enable the study of the response of the EM dam under resonance and non-resonance 

conditions. 

It is a well-established fact that the natural frequency of a structure 

decreases with an increase in strain levels, induced during seismic loading 

conditions. However, the current methods cannot predict the strain-dependent 

natural frequency of an earthen structure. This chapter presents a novel method 

which can predict the degradation of the natural frequency with an increase in strain 

levels. The variation of strain-dependent natural frequency along the length of the 

EM dam is also presented at the end of this chapter. 
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5.2 Background 

Dams and levees are among the most crucially important engineered structures that 

serve the society by primarily providing flood protection, hydroelectric power, 

water for irrigation purposes and as recreation sites (FEMA 2017). They are stable 

under normal operating conditions, but are susceptible to failure when subjected to 

seismic excitations. Not all earthquake events cause significant damage to existing 

structures; however, the occurrence of near resonance condition, where the 

predominant frequency of an earthquake excitation is close to the natural frequency 

of the structure, may result in amplified vibrations that may cause extensive 

structural damage (Banerjee 2017; Banerjee et al. 2018a; Chakraborty et al. 2018, 

2019b; Dakoulas and Gazetas 1985; Gazetas 1987; Parish et al. 2009; Wood 1973). 

Hence, it is essential to study the seismic response of earthen dams and estimate 

their natural frequencies and mode shapes of vibration.  

Seismic response of dams has been studied by: (a) simple analytical 

methods, such as the shear beam method; (b) numerical approaches, such as the 

finite element and finite difference methods; (c) field studies, using the ambient 

vibration or forced vibration method; and (d) analysis of 

seismograms/accelerograms recorded at different segments of the dam during 

earthquake events (Abdel-Ghaffar and Scott 1981; Abdel-Ghaffar et al. 1980; Cetin 

et al. 2005; Chopra 1967; Clough and Chopra 1966; Gazetas 1987; Ishizaki and 
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Hatakeyama 1962; Keightley 1966; Mononobe et al. 1936; Okamoto et al. 1969; 

Okamoto 1984). 

With the shear beam method, the dam is considered as a beam that has a 

variable wedge-shaped cross section (Ambraseys 1960b; Ike 2008; Okamoto 1984). 

Closed-form solutions of the natural frequencies and mode shapes of the structure 

are obtained, and the effect of heterogeneity is incorporated in terms of variation in 

shear modulus as a pre-defined function of depth. Hence, variations in the shear 

wave velocity profiles obtained from in-situ tests, such as the seismic cone 

penetration test (SCPT) and spectral analysis of surface waves (SASW) test, which 

may not necessarily follow a definite trend, cannot be incorporated into the shear 

beam method. This limitation can be addressed by using numerical approaches, 

such as finite element/finite difference methods (FEM/FDM), which are capable of 

incorporating the effects of variations in shear modulus, zones with different 

material properties, unequal side slopes, and arbitrary geometric configurations 

(Chopra 1967; Clough and Chopra 1966). Seismic excitation, with both horizontal 

and vertical components of earthquake motion, can also be dealt with by using 

numerical methods (Chopra 1967; Gazetas 1987; Yiagos and Prevost 1991). 

Seismic response analyses with FEM/FDM are considered more accurate and to 

more effectively portray the realistic behaviour of the structure than the shear beam 

method (Ishizaki and Hatakeyama 1962). In the numerical methods, the natural 

frequencies are obtained by Eigen value analysis, modal analysis, or free-vibration 
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analysis (Bybordiani and Arıcı 2017; Charatpangoon et al. 2014; Chopra 1967; 

Prevost et al. 1985; Vijayasri et al. 2017; Woodward and Griffiths 1993; Xiao et al. 

2008).   

The seismic response of an earthen dam can also be studied, based on the 

data recorded during earthquake events by accelerographs/seismographs that are 

placed in different locations of the dam (Okamoto et al. 1969; Abdel-Ghaffar & 

Scott 1979a; Abdel-Ghaffar & Scott 1979b; Cetin et al. 2005; Pelecanos et al. 2015; 

Yang et al. 2017), or by conducting ambient vibration or forced vibration tests 

(Abdel-Ghaffar and Koh 1981; Abdel-Ghaffar and Scott 1981; Castro et al. 1998; 

Jafari and Davoodi 2006). Accelerograph data is not usually available for dams that 

are located in newly identified regions of induced seismicity, and in such cases, 

ambient vibration or forced vibration tests may be utilised as an alternative 

approach. Ambient vibration test uses natural sources of excitation such as wind, 

low intensity tectonic movements, microtremors, water release from reservoirs, and 

other sources of vibration (Abdel-Ghaffar and Koh 1981; Jafari and Davoodi 2006; 

Trifunac 1972).  

In the forced vibration test, excitations are induced along the upstream-

downstream directions, by rotating eccentric-mass vibration generators that are 

attached to the crest of the dam (Abdel-Ghaffar and Scott 1981; Abdel-Ghaffar et 

al. 1980; Gauron et al. 2018; Gazetas 1987; Jafari and Davoodi 2006; Keightley 

1966). The acceleration induced at the crest and at different locations of the side 
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slopes are recorded, and the data is analysed to determine the natural frequency and 

mode shapes of the structure (Abdel-Ghaffar and Scott 1981; Petrovski et al. 1974). 

The forced vibration tests require sophisticated instruments for performing the tests 

and collecting the data, which might not be feasible for all projects. A brief 

overview of the evolution of the techniques employed to determine natural 

frequency is presented in Table 5-1; however, readers may also refer to other 

pertinent literature (Gazetas 1987; Okamoto 1984; Pelecanos 2013) for detailed 

information. 

Most of the existing methods can estimate the natural frequency of a 

structure at low strain levels, where the shear modulus of the materials can be 

represented by the small strain shear modulus (Gmax) (Ishibashi and Zhang 1993; 

Jafari and Davoodi 2006; Kramer 1996; Puppala et al. 2006). The linear elastic 

seismic response analysis does not account for the strain-dependent reduction in the 

shear modulus or an increase in the damping ratio of the dam materials during 

earthquakes. These effects can be incorporated into the analysis by using the 

iterative equivalent linear method and the coupled or decoupled non-linear method 

(Gazetas 1987; Idriss 1973; Jibson 2011; Prevost et al. 1985). The fully coupled 

non-linear method of dynamic analysis can capture the actual behaviour of soil in 

a more realistic manner, but it requires high quality test data and ‘sophisticated soil- 

constitutive models’ to predict the behaviour of the structure (Elia et al. 2011; 

Jibson 2011), neither of which are commonly available in real projects. Many 
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studies have found that the simple equivalent linear method converges well and 

predicts real problems satisfactorily (Abdel-Ghaffar and Scott 1979b; Mejia and 

Seed 1983; Prevost et al. 1985; Rathje and Bray 2000) and hence this method is 

widely used in practice, and is also adopted in this study.  

Due to non-linear behaviour of the soil, the response of an earthen dam 

subjected to an excitation depends on the strain level experienced by different 

regions of the dam. Hence, the natural frequency corresponding to the low strain 

linear elastic range may not accurately exhibit the response of the dam during real 

earthquake conditions (Abdel-Ghaffar and Scott 1979b; Jafari and Davoodi 2006). 

The purpose of this study is to develop a procedure to determine the natural 

frequency of an earthen embankment structure by taking into account the influence 

of material non-linearity and estimating the strain-dependent natural frequency of 

the earthen structure.  

The proposed method is based on the theory that earthen dams have filtering 

effects for seismic waves of certain frequencies that are not close to the natural 

frequency of the structure (Zhu and Zhou 2010). In other words, only those waves 

(excitations) having frequencies close to the natural frequencies of the structure are 

amplified because of resonance. Accordingly, a synthesised wave, henceforth 

referred to as the ‘sum of sines’ wave, obtained by superimposing sinusoidal waves 

of varying frequencies, is used to simulate horizontal seismic excitation at the base 

of the dam.
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Table 5-1: Natural frequency determination methods reported in literature 

 

Authors Topic of study Natural frequency determination method 

Ambraseys 1960 Theoretical study on 2D wedge with different truncation ratios subjected to arbitrary disturbance  Shear beam method 

Ishizaki and Hatakeyama 

1962 
Comparative study on vibration of dam using finite difference method and shear beam approach Finite difference method 

Clough and Chopra 1966 
Response of a triangular dam under free vibration when subjected to El Centro Earthquake, using 

finite element method 
Finite element method 

Keightely 1966 Forced vibration tests on Bouquet Canyon Dam Forced vibration test 

Chopra 1967 Comparative study on vibration of dam, using 2D finite element method and shear beam approach Finite element method 

Okamoto et al. 1969 
Seismic response analysis of Sannokai Dam, using data collected from seismometer placed at crest, 

mid-slope, and on banks. 

Shear beam method and Fourier analysis data 

recorded by seismometer 

Abdel-Ghaffar and Scott 

1979 

Seismic response analysis of Santa Felicia Dam, using accelerometer reading recorded during two 

earthquakes 

Fourier analysis of data recorded by 

accelerometer 

Gazetas 1981 
Modification of classical, homogeneous shear beam model to incorporate heterogeneity; shear 

modulus increased as 2/3rd power of distance from crest 
Shear beam method 

Abdel-Ghaffar and Scott 

1981 
Forced vibration tests on Santa Felicia Dam Forced vibration test 

Tsiatas and Gazetas 1982 
Dynamic response of 5 different earth dams of 90m height and avg. Vs = 324 m/s, compared using 

plane strain and shear beam method 
Shear beam method and finite element method 

Makdisi et al. 1982 
Dynamic response of embankment dams in narrow triangular canyon, studied using 3D finite element 

analysis 
Finite element method 

Mejia and Seed 1983 2D and 3D dynamic analysis of earthen dams compared for two different earthquake motions Finite element method 

Dakoulas and Gazetas 1985 Inhomogeneous shear beam model and plane-strain FEM analysis results compared 
Shear beam method and Finite element 

method 

Prevost et al. 1985 
2D and 3D dynamic analysis of Santa Felicia Dam subjected to two earthquakes, based on non-linear 

hysteretic analysis and using multi-surface plasticity theory 
Finite element method 

Gazetas 1987 
An overview of different methods for estimating seismic response of earthen dams to seismic 

excitations 

Shear beam method, finite element method 

and forced vibration tests 

Woodward and Griffith 

1993 

Comparison between 2D and 3D FEM analysis of non-homogeneous earth dams with values 

measured at site 
Finite element method  

Castro et al. 1998 Natural frequency determination from spectral amplitudes of 13 earthquakes 
Spectral amplitude of data recorded for 13 

earthquakes and finite element method 

Cetin et al. 2005 
Seismic response of Kiralkizi Dam studied from available crest acceleration data, 2D finite difference 

analysis, and shear-beam method 

Fourier analysis of acceleration data, finite 

difference method and shear beam method 

Xiao et al. 2008 
1D shear-wedge theory and FEM results compared for hardfill dam, incorporating effect of water on 

upstream face of dam 
Shear beam method and finite element method 

Parish et al. 2009 
Seismic response of earth dam studied using finite difference model; behaviour of shell and dam 

studied when subjected to real earthquake data; effect of plasticity considered 
Finite difference method 

Charatpangoon et al. 2014  Dynamic analysis of Fujinama Dam, using field data and FEM analysis Finite element method 
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The acceleration-time plots, obtained from the crest of the dam after 

performing a time-history analysis, are analysed on the frequency domain, using 

Fast Fourier Transform (FFT) to obtain the set of frequencies that are most excited 

for a given structure (i.e. natural frequencies). The validity of the ‘sum of sines’ 

method was first tested by performing the analysis of well-documented 

embankment structures obtained from the published literature. It was later utilized 

to determine the strain-dependent natural frequencies of different sections of the 

EM dam. The following sections present the methodology employed, analysis of 

results, and the salient findings of the study.  

5.3 Methodology 

5.3.1 Generation of synthesised ‘sum of sines’ wave  

The acceleration versus time data for performing a time-history analysis was 

synthesised by the superimposition of sinusoidal waves of frequencies ranging from 

0.01 Hz to 25 Hz, with increments of 0.01 Hz. MATLAB was used to generate data 

for each frequency for a time duration of 20 s. The data was recorded every 0.02 s 

for each frequency present in the synthesised wave, and the acceleration-time data 

was then obtained by adding the acquired data for these 2500 frequencies over a 

time period of 20 s. The final data obtained from the superimposition of sinusoidal 

waves was scaled to different values of peak acceleration to simulate different 

levels of seismic excitation. Figure 5-1 shows the acceleration versus time data 

(peak acceleration = 0.1g) obtained by superimposition of sinusoidal waves having 
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frequencies ranging from 0.01 to 25 Hz (Equation 5.1). A generalised equation of 

the synthesised wave is presented in Equation 5.2. 

Acc (t) =∑ sin (2 x π x 0.01 x i x ti=2500
i=1 ); 0 s ≤ t ≤ 20 s                                     (5.1)                      

Acc (t) = 
PHA

max [∑ sin(2π x f x i x t)
i=F/f

i=1
]
∑ sin(2π x f x i x t)

i=F/f

i=1  ; 0 s ≤ t ≤ T s    (5.2)                

where, PHA = Peak horizontal acceleration; F = maximum expected frequency 

range to be scanned; f = least count of frequency scale; t = time steps; and T = 

Duration of synthesised wave. 

 

Figure 5-1: Synthesised wave (‘sum of sines’) used for determination of natural 

frequency 

5.3.2 Validation with published literature 

The applicability of the developed methodology for determining the natural 

frequencies of a structure was demonstrated by using a basic single degree of 

freedom (SDOF) system. It was further validated by performing analyses on 
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different earthen structures whose natural frequencies have been reported in 

previously published literature. A commercially available finite-element-based 

software was used to perform time-history analysis on these earthen structures. The 

acceleration-time data obtained from the summation of sine waves (Figure 5-1) was 

used as the forcing function for the SDOF systems and to simulate a horizontal 

earthquake excitation applied at the base of an earthen embankment structure. The 

frequencies of vibration that were most excited were determined by identifying 

prominent frequency peaks of the obtained FFT plot of the response of the 

structures. The location of the first strong peak in the FFT plot of the crest 

acceleration in the frequency domain or the last prominent peak in the time-period 

domain has provided a measure of natural frequency/time-period for the first mode 

of vibration (Mejia and Seed 1983; Mejia et al. 1982). The natural frequencies or 

time periods obtained by the ‘sum of sines’ method were compared with those 

reported in the literature. The details of the SDOF systems and earthen dams, along 

with their material properties, are presented in subsequent sections. 

5.3.3 Application of ‘sum of sines’ method on EM dam 

The ‘sum of sines’ method was extended to determine the natural frequencies of a 

section of the EM dam, as shown in Figure 5-2. Series piezocone penetration tests 

were conducted at the crest of the dam, and the soil behaviour type (SBT) and 

effective friction angle were then interpreted from the CPT data. A database of 

other soil properties including unit weight and plasticity index, was prepared for 



176 

 

different soil types based on laboratory tests conducted on soil samples extracted 

from different locations of the earthen dam. A two-dimensional (2D) section, for 

which a shear wave velocity profile and an as-built drawing were available, was 

selected for the analysis (Figure 5-2). The geometry of the dam was obtained from 

the drawing, and this section was further subdivided into numerous zones to 

incorporate the variations in small strain shear modulus which had been determined 

from shear wave velocity profiles (Gmax = ρVs
2). The material properties of the 

subdivided zones were assigned, based on the compiled material property database, 

the SBT values, and available bore log information.  

A 2D, plane strain, time-history analysis was performed, using the same 

software that was used to validate the proposed methodology. Linear elastic 

analyses using Gmax values of the respective soil layers were performed to obtain 

the natural frequency of the structure that corresponded to the low strain levels. 

Equivalent linear analyses were then performed to determine the natural frequency 

of the dam section, incorporating the effect of non-linear behaviour of the dam 

materials (Gazetas 1987; Kramer 1996; Mejia and Seed 1983). The modulus 

degradation curve and the variations of damping ratios with strain levels were 

defined for the equivalent linear analysis, based on the effective confining stress 

and plasticity index of the individual zones (Ishibashi and Zhang 1993). 

The synthesised wave was scaled to various peak accelerations and applied 

at the base of the dam to create a variety of strain levels, enabling the study of the 
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effect of non-linear behaviour of soil on the natural frequencies. The natural 

frequency of the first mode, obtained by the ‘sum of sines’ method, was plotted 

against the root mean square (RMS) strain value obtained at the crest of the dam. 

Real earthquake time-history data (21 scenarios) with widely different frequency 

contents were then used to induce the horizontal acceleration at the base of the 

earthen dam model (Table 5-2). The frequency corresponding to the first prominent 

peak in the FFT plot of the crest acceleration was plotted against the corresponding 

RMS strain for all of the real earthquake cases, and was compared with that 

predicted by using the ‘sum of sines’ method. This approach provided insights into 

the strain-dependent characteristic of the natural frequency of earthen dams, and 

was used to justify the applicability of the developed methodology. 
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Layer Depth (m) Vs (m/s) 
Unit weight 

(kN/m3) 

Density 

(kg/m3) 

Gmax 

(kN/m2) 

1 0-1.3 124.9 20.4 2082 32,492 

2 1.3-2.7 153.5 20.4 2082 49,071 

3 2.7-5.7 189.6 20.7 2114 76,032 

4 5.7-7.3 221.2 20.7 2114 103,489 

5 7.3-8.8 207.7 20.7 2114 91,204 

6 8.8-10.6 207.5 20.4 2082 89,696 

7 10.6-11.9 234.8 19.0 1938 106,836 

8 11.9-13.3 201.6 20.3 2066 84,039 

9 13.3-14.9 188.1 20.3 2066 73,130 

10 14.9-16.4 227.2 20.3 2066 106,716 

11 16.4-18.0 197.1 20.3 2066 80,319 

12 18.0-21.1 252.8 20.6 2098 134,145 

13 21.1-22.5 198.6 20.4 2082 82,182 

14 22.5-24.0 323.6 20.4 2082 218,026 

15 24.0-25.6 347.7 20.4 2082 251,682 

16 25.6-27.1 549.3 20.7 2114 638,038 

17 
Rest of 

Foundation 
510.2 21.2 2162 562,835 

 

Figure 5-2: Section of hydraulic-fill dam used for analysis 

5.4 Analysis and discussion of results 

5.4.1 Validation 

Before applying the proposed methodology to the hydraulic-fill dam, it was 

important to assess the efficacy of the ‘sum of sines’ method in providing realistic 

natural frequency values. Hence, three SDOF systems and five embankment dam 

cases from previously published literature were investigated. The case studies were 

selected because their natural frequencies were readily available for comparison 

with results obtained from the ‘sum of sines’ method.  
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5.4.1.1 SDOF system 

The SDOF systems with mass (m) of 80 kg, damping ratio (d) of 5%, and stiffness 

values (k) of 400 N/m, 4,000 N/m and 40,000 N/m were considered for the analysis. 

The resonant frequency (fr) for forced vibration of a damped SDOF system was 

obtained analytically using Equation 5.3 (Richart et al. 1970). The synthesised 

wave excitation was used as the forcing function on the 80 kg mass, and its response 

to the wave excitation was determined using MATLAB Simulink (Figure 5-3a). 

The FFT of the acceleration response of the 80 kg mass provided the natural 

frequencies of the respective SDOF systems. The analytical solutions and those 

obtained by using the ‘sum of sines’ method (Figure 5-3b) provided similar natural 

frequencies of 0.35 Hz, 1.12 Hz, and 3.56 Hz, for the three SDOF systems, 

respectively. This validated the utility of the developed methodology to estimate 

the natural frequency of simple SDOF systems. The natural frequency of 

embankment structures was determined by using the ‘sum of sines’ method and is 

compared with that reported in the literature in the following section. 

fr = 
1

2π
√

k

m
(√1 −  2d

2)                                                                            (5.3) 
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(a) 

  

(b) 

Figure 5-3: (a) Simulink model used for analysis; (b) Natural frequency obtained 

using ‘sum of sines’ method for SDOF system of mass m = 80 kg, d = 0.05, and 

stiffness k of 400 N/m, 4,000 N/m and 40,000 N/m  
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Table 5-2: List of earthquakes used for validating the applicability of the ‘sum of sines’ method 

Region Station 

Name 

Date Compone

nt 

Scaled 

PGA  

F1(Hz

) 

F2(Hz

) 

F3(Hz

) 

Tm (s) 

 Arkansas Enola 26th June 1982 0 0.001g *2.68 3.37 6.98 0.279 

 Arkansas Enola 26th June 1982 0 0.01g *2.68 3.37 6.98 0.279 

 Arkansas Enola 26th June 1982 0 0.03g *2.68 3.37 6.98 0.279 

 Arkansas Enola 26th June 1982 0 0.1g *2.68 3.37 6.98 0.279 

 Arkansas Enola 26th June 1982 0 †0.5g *2.68 3.37 6.98 0.279 

 Arkansas Enola 5th July 1982 90 0.05g *1.96 *4.54 *6.69 0.319 

 Arkansas Enola 5th July 1982 90 0.3g *1.96 *4.54 *6.69 0.319 

 Arkansas Enola 5th July 1982 90 0.6g *1.96 *4.54 *6.69 0.319 

Missouri Dexter 6th November 

2011 

360 0.02g 1.14 *1.807 - 0.638 

Missouri Dexter 6th November 

2011 

360 0.07g 1.14 *1.807 - 0.638 

Missouri Dexter 6th November 

2011 

360 0.1g 1.14 *1.807 - 0.638 

Missouri Dexter 6th November 

2011 

360 †0.5g 1.14 *1.807 - 0.638 

Missouri Dexter 6th November 

2011 

360 †0.8g 1.14 *1.807 - 0.638 

Oklahoma SW Harper 19th November 

2015 

90 0.0009g Multiple peaks 0.108 

Oklahoma SW Harper 19th November 

2015 

90 0.04g Multiple peaks 0.108 

Oklahoma SW Harper 19th November 

2015 

90 0.08g Multiple peaks 0.108 

Oklahoma SW Harper 19th November 

2015 

90 †0.25g Multiple peaks 0.108 

Oklahoma Mehan 7th November 

2016 

90 0.15g 2.39 5.03 *9.57 0.128 

Oklahoma Mehan 7th November 

2016 

90 0.4g 2.39 5.03 *9.57 0.128 

Oklahoma Mehan 7th November 

2016 

90 †0.65g 2.39 5.03 *9.57 0.128 

Oklahoma Mehan 7th November 

2016 

90 †1.5g 2.39 5.03 *9.57 0.128 
* Predominant frequency of the earthquake time-history data 

† Earthquake cases with higher modes of vibration 

Tm = 
∑[Ci

2.(
1

fi
)]

∑ Ci
2                                                     
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5.4.1.2 Embankment Case Studies 

Case 1 – Clough and Chopra (1966) 

Figure 5-4a depicts the triangular dam model described by Clough and Chopra 

(1966). The height and width of the dam were 91.4 m and 274.3 m, respectively, 

and it had a symmetric cross-section with a side slope of 1.5H:1V. The dam was 

assumed to be homogeneous and isotropic, and two-dimensional linear elastic plane 

strain condition was used for the analysis. The material properties used for the 

model were: unit weight of 20.4 kN/m3, Poisson’s ratio of 0.45, damping ratio of 

embankment of 0.05, shear wave velocity of 304.8 m/s, and small strain shear 

modulus (Gmax) of 193,387 kPa. This model was analysed by using the synthesised 

wave signal (Figure 5-1) as the horizontal base excitation.   

Figure 5-4b describes the natural time period of the dam as reported in the 

literature (Clough and Chopra 1966) and presents the natural time period obtained 

by performing FFT of the crest acceleration when the dam model was subjected to 

the synthesised horizontal acceleration time-history data. It may be noted from 

Figure 5-4b that no peak matches were found for modes 2, 5, 6, 9, and 10. This 

could be attributed to zero modal participation, meaning that they were not excited 

by horizontal earthquake motion (Gasparini and Sun 1982). The natural time 

periods for the remaining modes were found to be in consonance with those 

observed in the previous studies (Clough and Chopra 1966; Gasparini and Sun 

1982).  



183 

 

 
(a) 

 

Mode 
Circular frequency 

(rad/s) 

Frequency 

(Hz) 

Time period 

reported (s) 

Time period 

observed (s) 

1 7.715 1.23 0.81 0.79 

2 12.52 1.99 0.50  - 

3 14.6 2.32 0.43 0.43 

4 19.31 3.07 0.33 0.34 

5 20.12 3.20 0.31  - 

6 23.1 3.68 0.27  - 

7 23.75 3.78 0.26 0.27 

8 25.95 4.13 0.24 0.24 

9 26.76 4.26 0.23  - 

10 28.77 4.58 0.22  - 

(b) 

Figure 5-4: Case 1 (a) Dam model after Clough and Chopra (1966); (b) Natural 

period determination 



184 

 

Case 2 – Okamoto (1984) 

 

Figure 5-5a shows a triangular dam model described by Okamoto (1984). The 

height and width of the dam were 90 m and 540 m, respectively, with side slope of 

3H:1V. The material properties used for the analysis include unit weight of 20.4 

kN/m3, Poisson’s ratio of 0.45, damping ratio of 0.05, shear wave velocity of 300 

m/s, and small strain shear modulus (Gmax) of 187,264 kPa. Similar to the previous 

case, the dam was assumed to be homogeneous and isotropic, and was analyzed 

using a 2D plane strain condition.  

The first and second natural periods were reported as 0.88 s and 0.47 s, 

respectively (Okamoto 1984). Figure 5-5b illustrates the natural time periods 

obtained from ‘sum of sines’ method: 0.86 s and 0.40 s, with a small kink around 

0.47 s. The minor divergence in the value of the second natural period could be 

attributed to the insignificant excitation of the second mode by horizontal base 

motion, similar to that observed in Case 1. Apart from some minor peaks, the other 

significant peaks were noticed at 0.27 s and 0.23 s. For the higher order modes, the 

natural period information was not reported, and hence, it could not be validated 

with the present ‘sum of sines’ method. 
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(a) 

 

(b) 

Figure 5-5: Case 2 (a) Dam model; (b) Natural period determination 

Case 3 – Tsiatas and Gazetas (1982) 

Figure 5-6a presents a non-homogeneous dam section analysed by Tsiatas and 

Gazetas (1982), using 2D plane strain finite element analysis. Of the five different 

cases highlighted in their research paper, case A was only analysed as part of the 

present study. Other cases (B, C, D and E) were not considered due to the lack of 

requisite data for the input parameters and analysis. The dam section had a height 

and base width of 90 m and 405 m, respectively. The cross section was asymmetric, 
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with a side slope of 2.5H:1V to the left, and 2H:1V to the right. The shear modulus 

was assumed to vary in direct proportion to the square root of mean stress (Tsiatas 

and Gazetas 1982). A unit weight of 17.66 kN/m3, Poisson’s ratio of 0.3, damping 

ratio of 0.05, and average shear wave velocity of 324 m/s (weighted area average) 

were used to model the dam. 

The first and third natural periods, obtained from the ‘sum of sines’ method 

(Figure 5-6b), are in agreement with those reported by Tsiatas and Gazetas (1982), 

with a marginal error of 6%. This slight discrepancy in the first natural period could 

be further reduced if the exact distribution of Gmax used by Tsiatas and Gazetas 

(1982) was known. The paper suggested the use of an average shear wave velocity 

of 324 m/s; therefore, to obtain the distribution of Gmax, a weighted average shear 

wave velocity of 324 m/s was used in conjunction with a criterion of Gmax variation 

that was proportional to the square root of the mean stress. It is expected that the 

difference in the distribution of Gmax values used by Tsiatas and Gazetas (1982) and 

those used in the present analysis will lead to a slight variation in the predicted time 

periods. Hence the accuracy of the obtained natural frequency (or time period) of 

vibration will depend on the distribution of Gmax values of the embankment 

material. Nevertheless, the analysis showed that the proposed method can be used 

to analyse asymmetric dam sections. 
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(a) 

 

Mode Time period reported (s) Time period observed (s) 

1 0.790 0.74 

2 0.500 -  

3 0.449 0.44 

(b) 

Figure 5-6: Case 3 (a) Dam model after Tsiatas and Gazetas (1982); (b) Natural 

period determination 
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Case 4 – Parish et al. (2009) 

Figure 5-7a shows a comparatively complex dam section that was analysed using 

3D finite difference modelling by Parish et al. (2009). This dam was comprised of 

different zones, such as foundation, shell, and core; each zone contained a different 

material with distinct properties. The crest width, base width, and height of the dam 

were 20 m, 240 m, and 50 m, respectively. The slopes on both of the sides were 

2.2H:1V. The core of the dam had a top width of 10 m and a base width of 30 m. 

The material properties of the core, shell, and foundation of the dam are illustrated 

in Figure 5-7a.    

Response spectra of free horizontal vibration of the dam revealed three 

major peaks near 0.7 Hz, 1.4 Hz, and 2.1 Hz, with a high spectral velocity between 

1.4 Hz and 2.1 Hz (Parish et al. 2009). A similar trend was observed in the FFT 

plot of dam crest acceleration, using the present approach. Figure 5-7b depicts the 

major peaks at 0.68 Hz, 1.37 Hz, 1.66 Hz, 2.1 Hz, and 2.39 Hz. This demonstrates 

the applicability of the ‘sum of sines’ method for determining the natural frequency 

of a zoned earthen dam. 
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Zone 
Unit Weight 

(kN/m3) 

Poisson's 

ratio 

Damping 

ratio 

Gmax 

(kPa) 

 Core 17.65 0.3 0.02 13,073 

Shell 19.62 0.3 0.02 23,080 

Foundation 21.58 0.25 0.02 400,000 

(a) 

 

(b) 

Figure 5-7: Case 4 (a) Dam model after Parish et al. (2009); (b) Natural period 

determination 
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Case 5 – Cetin et al. (2005) 

The Kiralkizi Dam in Turkey was analysed by Cetin et al. (2005), using a 2D finite 

difference model. Unlike the previous cases, this dam is a real existing structure, 

where the zones of the dam have different material properties, which adds to the 

complexities of the analysis. The dam geometry and material properties are 

presented in Figure 5-8. 

 

Zone 
Unit Weight  

(kN/m3) 

Poisson's  

ratio 

Damping  

ratio 

Gmax  

(kPa) 

c'  

(kPa) 
'  

(deg.) 

Clay Core 19 0.48 0.02 78,000 80 0 

Inner Rockfill Shell 22 0.33 0.02 202,000 0 42 

Outer Rockfill Shell 22 0.33 0.02 560,000 100 45 

Limestone foundation 23 0.33 0.02 1,498,000 500 45 

Figure 5-8: Case 5 dam model after Cetin et al. (2005) 

Figure 5-9a describes the spectral response for the crest acceleration and 

foundation base excitation observed by Cetin et al. (2005). The response of the dam 

was assessed, using an advanced finite-difference-based software. The natural 

period for the first mode of vibration was reported as 0.55 s (Figure 5-9a). The 

natural periods of the dam, determined by the ‘sum of sines’ method, are shown in 
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Figure 5-9b. Major peaks are indicated at different time periods: 0.22 s, 0.31 s, 0.58 

s, and 1.02 s, with 1.02 s being the natural period of first mode of vibration 

according to the ‘sum of sines’ method. With the exception of the peak at 1.02 s, 

the peaks revealed by the ‘sum of sines’ method in Figure 5-9b closely resemble 

those shown in Figure 5-9a.  

 
(a) 

 
(b) 

Figure 5-9: (a) Crest spectral amplitude (after Cetin et al. 2005); (b) Natural 

period determination Case 5 
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The reason for this discrepancy was further analysed by studying the mode 

shapes of vibration. It is important to note that the prominent peaks in the spectral 

response for the crest acceleration, shown in Figure 5-9a, stem from the particular 

earthquake excitation applied to the dam foundation, denoted as ‘Foundation’ in 

Figure 5-9a. Furthermore, the response spectra for the earthquake time-history data 

does not exhibit any major peak at or near a period of 1 s. As the earthquake 

excitation did not have any major component waves with a time period close to 1 

s, the dam did not vibrate significantly in the first mode. It should be noted that a 

small peak was recorded around 0.9 s in the spectral response for the crest 

acceleration (denoted as ‘Crest Calculated’ in Figure 5-9a).  

Component waves in close proximity to the second and third modes caused 

the dam to vibrate with a time period of 0.55 s (second mode) and 0.3 s (third mode). 

This was in addition to the small peak corresponding to the first mode of vibration 

having a time period of approximately 0.9 s. Sinusoidal waves with time periods of 

1 s and 0.58 s were used as the base excitation to study the mode shapes of vibration 

and the response of the structure. Figure 5-10 shows the FFT data of the crest 

acceleration, and Figure 5-11 presents the variations of the absolute value of the 

relative displacement with time, along the centre line of the dam. The absolute value 

of the relative displacement along the centre line of the dam, for the entire duration 

of excitation, was used to examine the mode shape of vibration. Figures 5-10 and 

5-11 suggest that 1.02 s and 0.58 s were indeed the natural periods for the first and 
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second modes of vibration, respectively. This confirms that the ‘sum of sines’ 

method is capable of correctly identifying the different modes of vibration which 

may be excited by a horizontal seismic excitation. Therefore, it can be concluded 

that the ‘sum of sines’ method provides more reliable information about the natural 

time period of the dam, without missing any possible modes of vibration.  

   
(a) 

 
                                                    (b) 

Figure 5-10: FFT of crest acceleration of dam subjected to sinusoidal waves 

having time period of (a) 1 s and (b) 0.58 s 
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(a) 

 

(b) 

Figure 5-11: (a) First mode of vibration and (b) predominant second mode of 

vibration when subjected to sinusoidal waves having time periods of 1 s and 0.58 

s, respectively 

 

h

℄

h

℄
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The five different cases were studied in the increasing order of their 

complexity. Case 1 and 2 involved homogeneous dams with symmetric cross 

sections, and Case 3 focused on non-homogeneous asymmetric structures having 

different side slopes. Cases 4 and 5 were studied to test the applicability of the 

proposed ‘sum of sines’ method to real dam sections, where the core, shell and 

foundation have widely different properties. Results indicate that the proposed 

approach can be used to determine the natural frequency of an earthen structure. 

However, the veracity of the results depends on the accuracy with which the dam 

model with its material properties depicts the actual dam characteristics. 

5.4.2 Application of ‘sum of sines’ method on EM dam 

The synthesised acceleration time-history data (Equation 1) was used as horizontal 

acceleration applied at the base of the 2D FEM model of the hydraulic-fill dam 

section (Figure 5-2) to determine the natural frequencies of the first mode of 

vibration. It was noted that, under small strain conditions (crest RMS strain < 10-

6), linear elastic analysis provided the same natural frequencies as those obtained 

from equivalent linear analysis. The rationale behind this observation, G = Gmax, is 

used in equivalent linear analysis (i.e. G/Gmax =1 at low strain level) for very low 

intensity excitations, where the strain level attained by different sections of the dam 

does not cause significant non-linear response of the earthen structure. Non-linear 

behaviour of the dam was recorded for scaling the synthesised wave to peak ground 

accelerations of 0.1g and above. A reduction in stiffness and an increase in damping 
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at higher strain levels lead to an increase in the time period of oscillation, which is 

in agreement with that observed by Mejia and Seed (1983). The reduction in natural 

frequency of the first mode with an increase in the RMS strain recorded at the crest 

of dam is presented in Figure 5-12. The natural frequency for the first mode of 

vibration was constant at 2.39 Hz, up to a RMS strain of 10-6. However, with further 

increase in the RMS strain, plotted in logarithmic scale, the natural frequency 

decreased, following a linear trend in a semi-logarithmic plot. This can be attributed 

to the non-linear behaviour of the dam embankment material at higher levels of 

disturbance, caused by increased peak ground acceleration of the base excitation. 

 

Figure 5-12: Natural frequency for first mode of vibration with RMS strain at 

crest of dam 
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Figure 5-12 was obtained by using the synthesised acceleration time data as 

the horizontal base excitation. However, real earthquake excitations are random in 

nature, and hence different sets of frequencies are present in the waves. Hence, it 

was necessary to compare the natural frequency of first mode of vibration when 

subjected to real earthquake scenarios with those predicted by the ‘sum of sines’ 

method at different strain levels. Acceleration time-history data for five different 

earthquakes was scaled to different peak accelerations and used as base excitation 

for the given dam section. The acceleration-time data of these earthquakes and their 

corresponding FFT plots are shown in Figures 5-13 and 5-14, respectively. Twenty-

one earthquake time-history scenarios were used for validating the applicability of 

the developed methodology and are summarised in Table 5-2. The natural 

frequency was obtained from the FFT of the crest acceleration-time data. The first 

prominent peak observed for each of the 21 cases of earthquake excitations was 

also plotted against the respective RMS strain calculated at the crest (Figure 5-15). 

It can be observed in Figure 5-15 that the variations of natural frequency with RMS 

strain followed a similar trend for most of the different earthquake excitations. As 

the synthesised acceleration-time data had the same amplitude for all of the 

component waves of different frequencies, the vibration of the dam subjected to the 

synthesised wave had a significant component of vibration in the first mode. Since 

the first strong peak in the FFT plot was used to obtain the data points in Figure 5-
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12, it can be concluded that the trends highlighted in Figures 5-12 and 5-15 

correspond solely to the first mode of vibration.  

As evidenced in Figure 5-15, there were a few cases where the natural 

frequency deviated significantly from the trend indicated by the ‘sum of sines’ 

method (Figure 5-12). In order to comprehend this behaviour, the displacement 

along the centre line of the dam was studied to determine the mode shapes of 

vibration. Figures 5-16 through 5-19 show the absolute value of the displacement 

pattern of the centre line of the dam and the corresponding FFT plot of crest 

acceleration time-history data when the dam is subjected to different scaled peak 

ground accelerations (PGA) generated by using the Enola EQ and Mehan EQ time-

history data. The acceleration-time data for these two earthquakes were specifically 

selected due to their widely different predominant frequencies (Table 5-2 and 

Figure 5-14). The Enola EQ data had a predominant frequency of 2.68 Hz, and the 

Mehan EQ data had a predominant frequency of 9.57 Hz (Table 5-2). 
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Figure 5-13: Earthquake acceleration-time data for (a) Enola, June 1982; (b) 

Enola, July 1982; (c) Dexter, November 2011; (d) SW Harper, November 2015; 

and (e) Mehan, November 2016 
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          (a)       (b) 

    
        (c)       (d) 

 
(e) 

Figure 5-14: FFT plot of earthquake acceleration-time data for (a) Enola, June 

1982; (b) Enola, July 1982; (c) Dexter, November 2011; (d) SW Harper, 

November 2015; and (e) Mehan, November 2016 
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The absolute displacement along the centre line of the dam, in conjunction with the 

FFT plot, facilitated understanding the rationale behind the observed deviation in 

natural frequency of vibration from that predicted by the ‘sum of sines’ method 

(Figure 5-15). 

 
Figure 5-15: Applicability of ‘sum of sines’ method to determine strain-dependent 

natural frequency for actual earthquake cases 

 



202 

 

 
(a) 

 
(b) 

Figure 5-16: (a) First mode of vibration and (b) FFT of acceleration at crest of 

dam for Enola EQ (PGA= 0.001g) 

h

℄
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(a) 

 

(b) 

Figure 5-17: (a) First mode of vibration and (b) FFT of acceleration at crest of 

dam for Enola EQ (PGA= 0.03g) 

 

 

h

℄
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The dam vibrated in the first mode for low PGA; the natural frequency for 

the first mode of vibration was 2.39 Hz and 2.29 Hz (Figures 5-16 and 5-17), when 

subjected to Enola EQ, scaled to two different low values of PGA. The decrease in 

natural frequency from 2.39 Hz to 2.29 Hz was due to the increase in PGA from 

0.001g to 0.03g for the Enola EQ data, resulting in non-linear behaviour of the soil. 

However, with an increase in PGA, the structure tended to vibrate predominantly 

at higher modes (Figures 5-18 and 5-19). This effect is manifested in the FFT plots, 

which depicts the distinctive and strong peaks at 2.74 Hz and 3.14 Hz, 

corresponding to the higher modes of vibration. The outliers in the results presented 

in Figure 5-15 were found to correspond to the higher modes of vibration. For those 

cases, the FFT plot of the crest acceleration time-history data did not show any 

definite peaks for the first mode of vibration.  Hence, the first detectable strong 

peaks (shown as outliers in Figure 5-15) do not always represent the first mode of 

vibration. There are two different scenarios where the dam might vibrate at higher 

modes: a) when the peak ground acceleration is high, simulating earthquakes of 

higher intensity (Prevost et al. 1985), and b) where the major constituent frequency 

peaks of the earthquake time-history data are close to the natural frequencies of the 

higher modes of vibration (Figures 5-9 to 5-11 and Table 5-2). 
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(a) 

 

(b) 

Figure 5-18: (a) Higher modes of vibration and (b) FFT of acceleration at crest of 

dam for Enola EQ (PGA= 0.5g) 

 

h
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(a) 

 

(b) 

Figure 5-19: (a) Higher modes of vibration and (b) FFT of acceleration at crest of 

dam for Mehan EQ (PGA= 0.65g) 

 

h
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5.4.3 Natural frequency of EM dam 

The sum of sines method was applied to determine the strain-dependent natural 

frequency of eight different section of the EM dam. The shear wave velocity 

profiles for each of the sections is presented in Figure 4-15 of chapter 4. The natural 

frequency corresponding to low strain levels and the strain-dependent degradation 

of the natural frequency of the individual sections are provided in Figure 5-20.  

 

(a)                                                             (b) 

Figure 5-20: Variation of (a) First natural frequency at low strain levels and (b) 

strain-dependent natural frequency along the length of the dam 

The natural frequency was observed to be the highest for Station 5, which 

was constructed by wetting and rolling the dam embankment geomaterials. 

Whereas, the natural frequency of the hydraulic-fill segment of the dam (Station 

14.5 to 39) was observed to exhibit a comparatively lower natural frequency. This 
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can be attributed to the hydraulic-fill method of construction of the different 

segments of the dam. Wetting and rolling the dam material provides a higher 

control on achieving the target degree of compaction, leading to higher stiffness 

and subsequently higher natural frequency. Contrarily, the hydraulic-fill segment 

of the dam had a lower natural frequency due to the lower stiffness when compared 

to the wetted and rolled section (Figure 4-15). The comparatively low values of 

stiffness were due to the lack of control associated with placing the embankment 

material by hydraulic-fill. The natural frequency of Station 9, which had a wetted 

and rolled shell, coupled with a hydraulic fill core, was found to lie in between that 

observed for the Station 5 and Stations 14.5 to 39 (Figure 5-20).  

The actual variation of the natural frequency of the EM dam may be 

different from that estimated in this study using 2D plane strain models of the 

different sections. A two-dimensional plane strain analysis implicitly assumes same 

material property along the entire length of the dam, which may not be a reasonable 

assumption in case of a highly heterogeneous dam, as the EM dam. A 

comprehensive three-dimensional analysis is thus required, since it is expected to 

provide a better representation of the natural frequency of the dam, incorporating 

the effect of the material variability along the length of the dam. 

5.5 Practical implications 

The developed method, ‘sum of sines’, was proven to accurately determine the 

natural frequency of the vibration modes of an earthen embankment structure when 
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excited by horizontal disturbances, and can be used as an alternative to the Eigen 

value analysis or free vibration analysis. In addition to providing the natural 

frequency corresponding to the free vibration analysis, the method was extended to 

predict the first natural frequency of earthen structures when subjected to different 

extents of seismic disturbances. The results provide an understanding of the 

behaviour of structures exhibiting nonlinear behaviour when subjected to 

earthquake motions. Any software capable of performing a time-history-based 

equivalent linear type of non-linear analysis can incorporate the developed method 

to predict the variations of the natural frequency of the first mode of vibration with 

different degrees of disturbances (varying strain levels). Earthen structures incur an 

unrecoverable loss in stiffness at high strain levels. Hence, the behaviour of the 

structure, when exposed to the first earthquake excitation, is different from that 

during the aftershocks. This method can thus provide understanding of the post-

earthquake natural frequency of vibrations of an earthen dam after it has exhibited 

nonlinear behaviour during the earthquake. 

5.6 Summary 

 

The objective of this study was to determine the natural frequency of an earthen 

structure for the first mode of vibration, incorporating the effect of non-linear 

behavior of the structure. A synthesized acceleration time-history data, formed by 

superimposing 2500 sinusoidal waves with frequencies ranging from 0.01Hz to 25 
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Hz (increment of 0.01Hz), was scaled to different peak accelerations to induce 

different degrees of disturbances and different levels of strain within the structure. 

The study was implemented in two parts (a) validating the applicability of the 

proposed methodology in determining the natural frequency (corresponding to Gmax 

at low strain levels) of different earthen structures studied by previous researchers; 

and (b) determination of strain-dependent natural frequency of a section of a 

hydraulic-fill dam using 2D plane strain equivalent linear analysis. The following 

major conclusions were drawn from this study: 

 

 The natural frequencies of the three SDOF systems and the five earthen 

embankment structures were estimated through the ‘sum of sines’ method, 

developed as a part of the research. Results show that these natural 

frequencies are in good agreement with the corresponding frequency values 

obtained from analytical solutions and those reported in literature, 

respectively. 

 When the scaled, synthesised wave was applied as base excitation to the 

dam, the structure vibrated primarily at frequencies that were close to the 

natural frequency of the structure at the particular strain level. Fast Fourier 

transform of the acceleration time-history data at the crest of the dam 

provided an accurate estimate of the natural frequencies.  



211 

 

 Due to the difference in strain levels attained at different regions of the dam 

at different modes, a parameter was selected to act as a surrogate measure 

of the degree of disturbance experienced by the dam. For the first mode of 

vibration, the root mean square (RMS) strain was designated as one such 

suitable parameter. 

 The natural frequency for the first mode of vibration remained constant until 

a certain RMS strain at the crest, implying linear behaviour of the structure 

at small magnitudes of disturbances. However, the natural frequency of the 

dam decreased with an increase in the peak acceleration of the synthesised 

wave, and decreased with a subsequent increase in the strain at different 

zones. The reduction in natural frequency with crest RMS strain was 

observed to follow a linear trend on a semi-logarithmic scale. 

 The variation of the natural frequency of the structure with crest RMS strain 

depends on the modulus degradation curve and the variation of damping 

ratio with strain. The accuracy with which the ‘sum of sines’ method 

predicts the strain-dependent natural frequency will depend on the material 

properties used to model the dam. 

 The variation of the first natural frequency with RMS strain followed the 

same trend as that obtained from the proposed ‘sum of sines’ method, when 

actual earthquake cases, with varying peak crest accelerations and 

significantly different frequency content, were used as base excitation. This 
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demonstrates the effectiveness of the approach in estimating the strain-

dependent natural frequency for the first mode of vibration of an earthen 

structure subjected to a real earthquake event. The ‘sum of sines’ method of 

natural frequency determination can be used to study the post-earthquake 

behaviour of a dam and to gain insight into the performance of the dam at 

different strain levels. 

 The first natural frequency of the dam, at low strain levels, was found to 

decrease from 3.25 Hz to 1.8 Hz along the length of the dam. The natural 

frequency of the wetted and rolled segment was found to be higher than that 

corresponding to the hydraulic-fill portion. The rationale behind this 

observed variation was attributed to the difference in construction 

procedures adopted to build the structure and consequent difference in the 

stiffness of the subsurface layers at different segments (stations) of the dam. 

These estimated natural frequency values will be used to select the 

earthquake time-history data for dynamic stability analysis in next chapter. 
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6. Chapter 6: Stability Analyses of the EM Dam 

6.1 Introduction 

This chapter presents the results of the analyses performed to assess the stability of 

the slopes of the EM dam. The method adopted to include the effect of material 

variability in creating the finite element model of the dam is elucidated in this 

chapter. The stability analyses consist of three major parts: (a) static analysis, (b) 

pseudo-static analysis and (c) dynamic stability analysis. The critical sections of 

the dam are identified based on these analyses results and are compared. The 

reliability analysis results, which captures the effect of uncertainty associated with 

the estimation of shear strength parameters, is also provided. 

The dynamic analysis was performed using the small strain shear modulus profiles 

obtained from chapter 4. Real earthquake time-history data of eight earthquakes 

recorded in Oklahoma and Arkansas were selected for the analysis, in the absence 

of data recorded at the dam site. The earthquakes were chosen such that some of 

their predominant frequencies were close to the first natural frequency of the dam, 

presented in chapter 5. The effect of peak acceleration, earthquake magnitude and 

frequency contents of the earthquake, on the excess pore water pressure generated 

in the sand layers and its impact on the stability of the slopes during earthquakes, 

were studied and is presented in this chapter. Lastly, the state parameter was 

estimated from CPT results to evaluate the chances of flow liquefaction.  
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6.2 Background 

Evaluating the stability of slopes of earthen embankment structures, such as dams 

and levees, is of paramount importance since the failure of these megastructures 

can have catastrophic consequences. These water-retaining structures, which are 

usually stable under normal working conditions, may become unstable during 

earthquake events (Chatterjee and Choudhury 2014; Choudhury et al. 2007; Fell et 

al. 2005; Hack et al. 2007; Meehan and Vahedifard 2013; Seed and Martin 1966; 

Seed 1981). The seismic stability of slopes is usually evaluated using the pseudo-

static method, the stress-deformation method or the permanent-displacement 

method (Cai and Bathurst 1996; Jibson 2011; Newmark 1965). The pseudo-static 

approach, introduced by Terzaghi (Terzaghi 1950), incorporates the effect of 

earthquake shaking as a constant horizontal force on a slip surface, which is 

obtained by multiplying an appropriate horizontal seismic coefficient kh with the 

weight of the sliding mass. The stability is subsequently evaluated by static limit 

equilibrium analysis (Cai and Bathurst 1996; FEMA 2005; Gazetas and Uddin 

1994; Jibson 2011; Kramer and Smith 1997; Newmark 1965; Seed 1981). 

However, approximating the effect of earthquake excitation as an equivalent 

horizontal force is a crude assumption, which cannot capture the response of the 

structure during seismic events. The computationally intensive, stress-deformation 

approach is then considered to be a suitable option for such analysis. In the stress-

deformation approach, the earthen embankment is discretized as a mesh using a 
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commercially available finite element or finite difference based software and the 

stress and deformation at all the nodes are determined in response to an earthquake 

disturbance (time-history data) applied at the base of the structure (Jibson 2011). 

However, the need for high-quality laboratory and field soil property test data, and 

sophisticated constitutive models makes the stress-deformation approach suitable 

primarily for high-risk projects (Baker et al. 2006; Gazetas and Uddin 1994; Jibson 

2011; Shukha and Baker 2008).  

The permanent-displacement approach introduced by Newmark (Newmark 

1965) bridges the gap between the pseudo-static approach and the stress-

deformation approach (Gazetas and Uddin 1994; Jibson 2011). The method 

provides an estimate of the plastic deformation experienced by a sliding mass when 

the earthquake-induced acceleration exceeds the yield acceleration (Gazetas and 

Uddin 1994; Jibson 2011; Kramer and Smith 1997; Seed 1981). The yield 

acceleration is defined as the minimum acceleration at which the sliding mass is on 

the verge of imminent failure, i.e., the factor of safety (FOS) is equal to unity.  

The sliding block in the Newmark type of deformation analysis (Newmark 

1965) was assumed to behave as a rigid block and the variation of the earthquake-

induced acceleration in the sliding mass was not considered in the permanent-

displacement method (Gazetas and Uddin 1994; Jibson 2011; Kramer and Smith 

1997). The decoupled method of analysis by Makdisi and Seed (Makdisi and Seed 
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1978) incorporates the non-rigid behavior of the sliding mass, which deforms 

internally during shaking. In the decoupled method, a dynamic response analysis is 

performed at first without considering any failure of the slope (Jibson 2011; Kramer 

and Smith 1997; Seed 1979). Subsequently, the earthquake-induced acceleration is 

used to compute the average horizontal equivalent acceleration, which is then used 

in the Newmark type deformation analysis (Makdisi and Seed 1978; Seed 1979).  

Despite being a crude method, the pseudo-static approach provides an index 

of the seismic stability of slopes (FEMA 2005; Kramer and Smith 1997), especially 

when the embankment materials does not incur significant strength loss and are not 

susceptible to liquefaction during earthquakes (Baker et al. 2006; FEMA 2005; 

Seed 1981; USSD 2007). The pseudo-static approach along with permanent-

displacement analysis remains extremely popular among practicing engineers due 

to its sheer simplicity. Different agencies and design guidelines recommend using 

pseudo-static analysis as a preliminary screening tool for justifying the use of a 

rigorous stress-deformation type of analysis, even for important projects (Baker et 

al. 2006; Christian and Urzúa 2017; Shukha and Baker 2008). Earthen embankment 

structures present in low seismicity zones, where the intensity of earthquake 

excitation is not expected to be significant enough to cause soil liquefaction, can 

also be studied using the traditional pseudo-static approach (Makdisi and Seed 

1978; Seed 1981; Seed et al. 1978).  



217 

 

Well-built dams, including some hydraulic-fill dams, have shown resilience 

to moderate shaking without significant damage (Ambraseys 1960a; Seed 1981). 

However, some hydraulic-fill dams such as the Lower San Fernando dam have been 

extensively damaged by earthquakes (Foster et al. 2000; Mejia et al. 2005; Seed et 

al. 1978). Hence hydraulic-fill dams need to be evaluated for seismic risks related 

to slope stability issues.  

Recently in 2016, the United States Geological Survey (USGS) indicated 

Oklahoma-Kansas, the Raton Basin, North Texas, North Arkansas, and New 

Madrid to be high seismic hazard zone due to induced seismicity (USGS 2016).  

This necessitates the evaluation of the stability of earthen dams, especially 

hydraulic-fill dams located in these regions, which at the time of construction might 

not have been specifically designed to withstand earthquake loading conditions.  

Although commercially available software has made it easy to perform 

seismic stability analysis of slopes, the efficacy of the analysis results depends on 

the accuracy with which the dam is modelled.  The dam is often idealized as a zoned 

structure with the representative material properties assigned to the respective 

individual zones, such as shell, core and foundation (Babu et al. 2007; Boulanger 

and Montgomery 2016; Pelecanos 2013; Tezcan et al. 2001). The accuracy of the 

analysis result may be questionable since this crude approximation may not portray 

the actual field conditions. The epistemic uncertainty, that includes site 
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characterization uncertainty, model uncertainty, and soil parameter uncertainty 

(Baecher and Christian 2005) makes the evaluation of safety even more challenging 

for these inherently heterogeneous, hydraulic-fill structures. Significant 

engineering judgement, based on prior experience, is thus required in such cases 

and a substantial degree of uncertainty is associated in estimating the material 

properties (Babu and Srivastava 2010; Duncan 2000; Griffiths et al. 2010; Wolff 

1996; Xiong and Huang 2017; Zhenyu et al. 2015). A probabilistic approach in 

terms of reliability-based analysis can provide important information on the impact 

of uncertainty associated with the estimation of different material properties (Babu 

et al. 2007; Garevski et al. 2013; Liang et al. 1999; Yegian et al. 1991).  

In this chapter, the stability of the slopes of the EM dam is evaluated. This 

study also addresses some of the key uncertainties including the material variability 

and seismic coefficient uncertainty. Probabilistic concepts are used to evaluate the 

stability of the hydraulic-fill dam. Pseudo-static approach along with decoupled 

permanent-displacement method are used to perform the preliminary seismic 

stability analysis, assess the condition of the dam and determine the critical 

sections. The probability of failure of the slopes is determined using Monte Carlo 

simulations, when different sections of the dam are subjected to a wide range of 

seismic conditions. The probable performance of the dam is also evaluated, based 

on the reliability indices, to further identify the problematic sections of the dam.  
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The pseudo-static and Newmark deformation analyses can provide 

information about the stability of the structure, in case the geomaterials do not incur 

significant strength loss and are not susceptible to liquefaction. However, it was 

also necessary to evaluate the stability of the slopes in the event of cyclic 

liquefaction, by performing a time-history based dynamic analyses and estimating 

the subsequent increase in pore water pressure in the saturated sand layers. Flow 

liquefaction susceptibility also had to be evaluated for the foundation sand layers, 

by estimating the state parameter from the cone penetration test results. The 

following sections present the site details, methodology, and analysis and 

discussion of results. 

6.3 Site details  

This section presents the site details of the EM dam that is considered for 

performing the stability analyses. The construction of this 26m high and 1463m 

long dam started in January 1930 and was completed in October 1932. Based on 

the United States Geological Survey (USGS) seismic hazard report published in 

2016 (USGS 2016), this site is located in high seismic hazard zone due to induced 

seismicity. Probabilistic seismic hazard analysis suggests that in one year, there is 

one percent chance of experiencing an earthquake that exceeds peak ground 

acceleration (PGA) of 0.3g (Caballero 2017; Petersen et al. 2017). This critical 

infrastructure was not specifically designed to withstand earthquake loading 

conditions at the time of construction, as the construction was done 85 years ago. 
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Thus it was necessary to evaluate the stability of the slopes of this dam under 

probable seismic events, due to an increase in the rate of induced seismic events in 

north Texas and adjacent regions, over the last few years (USGS 2016). 

This dam was partially built by wetting and rolling the embankment soil 

and partly by hydraulic-fill method of construction. Figure 6-1 present four 

different zones including Zone A, Zone B, and Zone C1 and C2, that are categorized 

based on the construction process adopted. Zone A of the dam was built by wetting, 

rolling and compacting the embankment soil material. Whereas, Zone B has a 

wetted and rolled shell, with the core constructed by hydraulic-fill method. Unlike 

Zone B, both the shell and core of Zone C1 and C2 were built by hydraulic-fill 

method, with the use of starter dykes. Extensive laboratory and field tests were 

conducted at the dam site to comprehensively determine the material properties of 

the dam.  

 
Figure 6-1: Plan view of dam showing the different zones based on the method of 

construction 
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6.4 Methodology 

Hydraulic-fill was a popular method of construction when the dam was constructed 

in the early 20th century. The borrow soil used to build the dam was mixed with 

water, transported through flumes and discharged along the outer edge of the 

embankment, at suitable intervals. The course-grained soil particles settled first, 

close to the edges of the embankment to form the outer shell. Whereas the fine-

grained soil, which takes longer time to settle, got deposited near the center of the 

embankment to form the low-permeability core of the dam. Hydraulic-fill dams 

exhibit a high degree of inherent variability in material properties owing to this 

method of construction (Caballero 2017; Caballero et al. 2017; Küpper 1991; 

Marcuson et al. 1990; Morgenstern and Küpper 1988; Vick 1996). The high degree 

of heterogeneity necessitated comprehensive determination of the material 

properties present at different sections of the dam.  

6.4.1 Material characterization of the dam 

Series of piezocone penetration tests (CPTu) were performed along the crest (39 

soundings) and downstream toe of the dam (29 nos.). In addition to the CPTu 

results, several undisturbed samples were obtained from 18 boreholes (5 along the 

crest, 6 along the downstream toe and 7 along the dam slopes), which were used to 

determine index, hydraulic and shear strength properties of various soil types. 

Laboratory tests were conducted to determine the Atterberg limits, unit weight, 

saturated volumetric water content, saturated coefficient of permeability, and shear 
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strength parameters from triaxial and direct shear tests of different soil types, 

extracted from different boreholes. Furthermore, the unconfined compressive 

strength of the sandstone and shale layers present in the dam foundation were also 

determined.  

The CPTu data was analyzed to determine the soil behavior types (SBTs) 

in the dam embankments (Robertson et al. 1986a), effective friction angle (') 

(Kulhawy and Mayne 1990), and undrained shear strength (su) (Robertson and 

Cabal 2015), employing the widely used and readily available correlations. 

Ordinary Kriging analysis, which is based on geostatistics, was performed to 

interpolate the obtained data (SBT, ' and su) to generate 3D models of the dam, 

depicting the variation of the respective properties. 2D cross-sectional slices (for 

plane strain analysis) at the eight locations where the SASW tests were conducted, 

were further used to perform 2D seismic slope stability analysis using a 

commercially available finite element analysis software. The software was capable 

of performing pseudo-static analysis, decoupled permanent-displacement analysis, 

and dynamic stability analysis with excess pore water pressure estimation, for any 

given earthquake time-history data.  

6.4.2 Construction of plane strain models of the dam  

The most challenging and critical part of this study was to construct each of the 

eight two-dimensional sections of the dam in the software and assign the respective 
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material properties of such a heterogeneous dam. The as-built construction 

drawings were used to draw the outline of each of the sections to scale, which were 

then used for performing stability analysis. Each section was further sub-divided 

into several horizontal layers based on the shear wave velocity profile obtained 

from the SASW tests conducted on the crest of the dam (Figure 4-15). Unlike the 

wetted and rolled segment of the dam (Figure 6-2a), the zones of the dam built by 

hydraulic-fill construction method namely Zones B, C1, and C2 were found to be 

constructed with a core of fine-grained soil, and the shell section made up of 

primarily coarse-grained material (Figure 6-2b). Hence, the stratified sections for 

the hydraulic-fill zones of the dam were further divided into the shell, core and 

puddled trench core, based on the information available from the respective as-built 

drawings. Rigid base boundary condition was used for the dynamic analysis, 

assuming the earthquake time-history data to represent “within motion” (Mejia and 

Dawson 2006). The element size was selected such that it was smaller than one-

tenth the wavelength corresponding to the highest frequency component of the 

input wave (Kuhlemeyer and Lysmer 1973).  Before performing the seismic slope 

stability analysis, it was necessary to determine the pre-earthquake factor of safety 

(FOS) using pore water pressure evaluated from long-term steady state seepage 

conditions. 
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Figure 6-2: As-built drawing showing typical (a) wetted and rolled section and (b) 

hydraulic-fill section having a distinct core. 

6.4.3 Determination of location of phreatic surface 

The phreatic surface location was determined for each of the eight sections by 

performing the steady-state seepage analysis using a saturated-unsaturated model. 

The fully saturated permeability and volumetric water content of different soil types 

were assigned to the different segments of a particular dam cross section based on 

the respective SBT profile (2D slices obtained from a 3D model of SBT of the dam) 

and borelog data, wherever available. The variation of coefficient of permeability 

and volumetric water content with matric suction was defined depending on the soil 

type and data available from existing literature. The average coefficient of 

permeability obtained from laboratory testing of various undisturbed samples are 

reported in Table 6-1. The reservoir water elevation on the upstream side of the 



225 

 

dam was assumed to be the same as the top of the spillway level, which is at a 

distance of 10 m below the crest of the dam (freeboard). 

Table 6-1: Mean values of saturated coefficient of permeability and volumetric 

water content for different soil types 

  
Sandy 

lean clay 

Lean clay 

with sand 

Fat 

clay 
Sandstone Shale 

Sandy 

Silt 
Sand 

# samples 4 5 4 5 2 
CPT 

guide* 

CPT 

guide* 

Mean k 

(m/s) 

5.36 

x10-9 

1.67 

x10-8 

6.83 

x10-11 

5.28 

x10-6 

9.69 

x10-11 

1.02 

x10-7 

1.02 

x10-5 

Mean 

volumetric 

water 

content 

0.31 0.32 0.377 0.29 0.193 0.3 0.3 

* Robertson and Cabal (2014) 

6.4.4 Stability analysis 

6.4.4.1 Determination of static FOS 

The pre-earthquake static FOS was determined prior to performing the pseudo-

static and permanent deformation analysis. Effective strength parameters c' and ' 

were used for the pre-earthquake analysis, using the long-term steady-state pore 

water pressure conditions (FEMA 2005; USSD 2007). The strength contribution of 

the matric suction in the unsaturated soil above the phreatic surface was not 

considered for the stability analysis. The unit weight of different soil types, required 

to estimate the initial static stress-state of the dam, under steady-state seepage 

conditions are provided in Table 6-2. The data provided in Table 6-2 was obtained 

by compiling the unit weights of different soil types available from the undisturbed 

sample cores, extracted from different locations of the dam. The variation of 
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effective friction angle, for a particular section of the dam, was obtained from the 

2D slice of the corresponding section obtained from the 3D model developed using 

kriging analyses of cone penetration sounding parameter based strength property 

interpretations. The effective cohesion was assumed to be zero unless specific 

results obtained from the triaxial or direct shear tests on undisturbed samples were 

available (USSD 2007). 

Table 6-2: Unit weight of different soil types 

  
Sandy 

lean clay 

Lean clay 

with sand 

Fat 

clay 

Silty clay 

with sand 

Lean 

clay 

Sandy 

silt 

Fat clay 

with sand 

Clayey 

sand 

# 

samples 
27 5 3 6 2 3 3 3 

Mean 

(kN/m3) 
20.6 20.2 18.9 20.7 19.0 20.0 19.2 21.2 

Std. dev. 

(kN/m3) 
0.50 0.21 0.28 0.09 0.06 0.86 0.35 0.28 

CoV  

(%) 
2.43 1.07 1.49 0.47 0.34 4.34 1.84 1.33 

 

6.4.4.2 Determination of pseudo-static FOS 

The pseudo-static factor of safety for the dam slopes was determined under three 

different conditions:  

(1) Effective stress analysis, using c'=0 kPa for all the soil types (unless specific 

data was available from laboratory tests), and ' as obtained from the 3D model of 

effective friction angle of the dam (using CPT correlations). This condition is 

termed here as Case 1;  
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(2) Effective stress analysis using effective friction angle (similar to the previous 

case), but using small value of c' (5 kPa to 10 kPa) for layers of clayey soil. This 

condition is termed here as Case 2; and  

(3) Effective stress analysis using effective friction angle and c'=0 for the sandy soil 

(coarse-grained materials) and soils above phreatic surface, and undrained shear 

strength parameters (su) for the saturated clayey soil layers present below phreatic 

surface, since soils of low permeability are assumed to exhibit undrained behavior 

during seismic events (Babu et al. 2007; Duncan et al. 2014; FEMA 2005; 

Newmark 1965; Seed 1979; USSD 2007). This condition is termed as Case 3. 

For all three cases, an increase in excess pore water pressure was not estimated 

during earthquake shaking, to be consistent with the requirements of pseudo-static 

analysis.  

6.4.4.3 Decoupled permanent-displacement analysis 

The serviceability of the dam depends on the deformation incurred by a slip surface 

during seismic events (Chowdhury et al. 2009; Kramer and Smith 1997; Mansour 

2016; Park 2016). Hence, it was important to determine the permanent deformation 

incurred by the sliding mass, besides computing the pseudo-static FOS. The 

decoupled permanent-displacement analysis was performed for both the upstream 

and downstream slopes, for all the eight sections of the dam. Previous studies have 

shown that this decoupled approximation can lead to a conservative estimation of 
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the permanent-displacement, especially when the frequency of base excitation is 

close to the natural frequency of the earthen structure (Gazetas and Uddin 1994; 

Kramer and Smith 1997; Lin and Whitman 1983). However, this over-prediction 

of permanent deformation was found to be insignificant when compared to the other 

associated uncertainties in the seismic response and sliding block analysis (Kramer 

and Smith 1997). 

Two different earthquake time-history records, having significantly 

different predominant frequencies were used as base excitations for permanent-

displacement analysis. Due to the absence of strong motion data recorded at EM 

dam, earthquake records recorded at Enola, AR and Norfolk, OK during Arkansas 

Earthquake on 26th June, 1982 and Oklahoma Earthquake on 7th November, 2016, 

respectively were modified and used for this study. These two earthquakes were 

specifically selected because the Enola EQ had a predominant frequency close to 

the natural frequency of the dam sections (Figure 5-20), whereas the Norfolk EQ 

had a frequency that is distinct from that of the dam. The earthquake time-history 

data was modified and scaled to a peak acceleration of 0.3g, based on the 

probabilistic seismic hazard analysis (Caballero 2017; Petersen et al. 2017). The 

time-history data and the frequency of the earthquakes are shown in Figure 6-3. In 

order to incorporate the effect of non-linear behavior, an equivalent linear type of 

analysis was performed. The modulus degradation and variation of damping with 
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strain were specified based on the effective mean confining pressure and plasticity 

index of different soil types (FEMA 2005; Ishibashi and Zhang 1993).  

 

Figure 6-3: Modified earthquake time-history (PGA = 0.3g) and FFT data for (a) 

Enola and (b) Norfolk 
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6.4.4.4 Reliability-based analysis 

The reliability analysis was performed for the critical slip surfaces determined from 

the Case-3 analysis, for both the upstream and downstream slopes of the dam 

sections. The mean values of the shear strength parameters were kept same as that 

used for the deterministic analysis. The standard deviation for effective friction 

angle of different soil types were assessed based on limited number of test results, 

following the method outlined by Chakraborty et al. (2017) (Appendix B). The 

population standard deviations of effective friction angle, estimated for different 

soil types, are reported in Table 6-3. The estimated values were found to lie within 

the range of standard deviation values recommended by Duncan (2000). The 

coefficient of variation for undrained shear strength was assumed to be 30% 

(Duncan 2000) due to the lack of laboratory test data. The standard deviation of 

undrained shear strength was obtained by multiplying 0.3 with the respective 

assigned mean values of undrained shear strength. Both the friction angle and 

undrained shear strength were assumed to follow a normal distribution, a 

reasonable assumption for most geotechnical engineering problems (Baecher and 

Christian 2005; Chakraborty et al. 2017a).  The reliability index and probability of 

failure were obtained with respect to the pseudo-static factor of safety, by 

performing 35,000 cycles of Monte Carlo simulations for different values of 

horizontal seismic coefficients. The process was repeated for all of the sections 

including upstream and downstream slopes and the performance indices of the 
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different dam sections was classified from hazardous to highly safe, as 

recommended by USACE (1998).  

Table 6-3: Standard deviation of effective friction angle for different soil types 

Soil type 
lean clay 

with sand 

sandy lean 

clay 

fat 

clay 

sandy 

silt 

clayey 

sand 

Average friction angle 

(in degrees) 
25.9 26.6 19.1 35.3 27.7 

Number of samples 

tested 
13 17 7 2 3 

Chakraborty (2017) 

Population std. dev. 
2.59 2.66 3.82 1.76 1.38 

Lower limit of std. dev. 

as per Duncan (2000)  
0.52 0.53 0.38 0.71 0.55 

Upper limit of std. dev. 

as per Duncan (2000) 
3.37 3.45 2.48 4.58 3.60 

 

6.4.4.5 Liquefaction assessment and dynamic stability analyses 

Cyclic liquefaction 

The analysis was performed using the same finite element based software package, 

used for performing the pseudo-static and permanent deformation analyses. 

Drained shear strength parameters were assigned to the soil layers above the 

phreatic surface, for the stability analysis. Whereas, the clay layers in the core of 

the dam were assigned undrained shear strength parameters for the dynamic 

analysis. The saturated regions of the sand shells are expected to be subjected to 

undrained loading conditions during earthquake events. Hence, effective stress 

analysis with estimated excess pore water pressure was suitable for the saturated 

upstream and downstream sand shell layers, and for the sand layers in the 
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foundation. Cyclic liquefaction analysis requires suitable constitutive models and 

relations which can predict the increase in pore water pressure, in the sand layers, 

during seismic shaking simulations. Undrained cyclic triaxial tests on undisturbed 

samples of sand are required to calibrate the model based on the increase in pore 

water pressure and associated permanent strains, with each cycle of loading (Seed, 

1979). In the absence of such test results, advanced constitutive models such as 

UBCSand or PM4sand were not used in the present study. Instead, the procedure 

outlined by Lee and Albaisa (1974) and De Alba et al. (1976) has been used to 

estimate the excess pore water pressure, in the sand layers (equation 6.1 and 6.2). 

This method is widely used in practice (Dash and Sitharam 2009; Krahn 2004a; 

Polito et al. 2008) and hence adopted in this study. 

ru = 
1

2
 + 

1

𝜋
 𝑠𝑖𝑛−1 [2 (

𝑁

𝑁𝐿
)

1

𝛼
− 1]           (6.1)  

Δu = ru x σ’3          (6.2)  

where, N is the equivalent number of uniform cycles for laboratory tests at 0.65 τmax 

for a given magnitude of earthquake (Figure 2-28); NL is the number of cycles 

required to cause liquefaction corresponding to different shear stress ratios (cyclic 

number function, Figure 6-4); α = 0.7; Δu is the change in pore water pressure and 

σ’3 is the effective confining stress, obtained from initial static analysis. 
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Figure 6-4: Cyclic number function for (a) loose sand and (b) medium dense sand 

The cyclic number function is supposed to be determined from laboratory 

test on undisturbed samples. However, due to lack of test results, the cyclic number 

functions have been adopted from the literature based on the type of sand (dense, 

medium dense, medium loose and loose) observed from bore log information 

(Figure 6-4). The analyses were performed for eight different sections of the dam, 

where shear wave velocity profiles were available. Two different earthquake 

magnitude conditions were considered (a) M < 6.5 (N = 4) and (b) M = 7 (N = 10) 

(Figure 2-28). For each earthquake magnitude scenarios, eight different earthquake 

time-history data were used as the base excitation (Table 6-4). Due to the absence 

of strong motion records registered at the dam site, earthquake time-history data 

from different earthquakes in Oklahoma and Arkansas were used in this study. The 

data were selected to encompass a wide range of peak accelerations and frequency 

contents, with some earthquakes having a predominant frequency close to the 
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natural frequency of the dam (Figure 5-20). However, unlike the Newmark 

deformation analysis, the earthquake time-history data were not modified and 

scaled to peak acceleration of 0.3g. It is expected that the probability of having an 

earthquake with a peak acceleration of 0.3g and that earthquake excitation causing 

a resonance condition will be extremely low. Such a rare event may cause extensive 

liquefaction of sand layers, in case the sand layers in the field are susceptible to 

liquefaction. The time-history data and the frequency contents of the different 

earthquakes are shown in Figure 6-5. 

Table 6-4: Earthquake data used for analysis 

 

Earthquake details Designated as 

Component 360; Peak acc. = 0.001g;  

Station Dexter (Oklahoma); Date 2011-11-06 
A 

Component 0; Peak acc. = 0.035g;  

Station Enola (Arkansas); Date 1982-07-05 
B 

Component 90; Peak acc. = 0.038g;  

Station Mehan (Oklahoma); Date 2016-11-07 
C 

Component 0; Peak acc. = 0.04g; 

 Station Enola (Arkansas); Date 1982-06-26 
D 

Component 360; Peak acc. = 0.05g;  

Station Mehan (Oklahoma); Date 2016-11-07 
E 

Component 90; Peak acc. = 0.097g;  

Station Enola (Arkansas); Date 1982-07-05 
F 

Component 90; Peak acc. = 0.146g;  

Station S Brethren Rd. (Oklahoma); Date 2016-11-07  
G 

Component 90; Peak acc. = 0.402g;  

Station CUH Airport (Oklahoma); Date 2016-11-07  
H 
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(c) 

 

      
(d) 
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(e) 

              
(f) 

               
(g) 

                 
(h) 

Figure 6-5: Earthquake time-history and frequency content data for earthquakes 

(a) A, (b) B, (c) C, (d) D, (e) E, (f) F, (g) G and (h) H 
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Flow liquefaction analysis 

 

Flow liquefaction is not commonly observed in the field and applies to loose 

cohesion-less soils which exhibits strain softening behavior during undrained 

loading (Kramer 1996; Marcuson 1978; Robertson et al. 1995). This occurs when 

the in-situ static shear stress in loose sands is greater than the undrained steady-

state shear strength. The undrained steady-state strength is the resistance offered by 

the soil at high strain levels during undrained shearing (Castro et al. 1992; Finno et 

al. 1996; Krahn 2004a; Kramer 1996; Thevanayagam 1998). Soils susceptible to 

flow liquefaction has a “collapsible soil-grain structure” and experiences 

significant strength loss on touching the collapse point (Krahn 2004a). The flow 

failure is also accompanied by high strain and deformation. The flow liquefaction 

can have catastrophic consequences, and hence it was necessary to evaluate the 

chances of flow liquefaction of the foundation sand layers. In the absence of triaxial 

test results on undisturbed sand samples collected from the foundation layers, state 

parameter was used as a measure of studying the contractive behavior of the sand. 

The state parameter is defined as the difference in the void ratio in the field and the 

critical state void ratio (Robertson and Cabal 2014). A positive value of state 

parameter suggests contractive behavior of the sand, with chances of flow 

liquefaction. The state parameter of the foundation sand layers was hence 

determined using the CPT data available along the downstream toe of the dam. The 
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normalized cone resistance and normalized friction ratio were plotted on Figure 6-

6 to check if the state parameter was greater than 0. 

 

Figure 6-6: Determination of state parameter based on CPT data 

(after Robertson and Cabal 2014) 

6.5 Analysis and discussion of results  

This section presents the static and pseudo-static factor of safety results, along with 

the permanent deformation incurred by the critical slip surfaces of different 

segments of the dam, when subjected to the two earthquake events (scaled to 0.3g) 

considered in this study. The 2D sections used for the analysis are represented by 

the respective station numbers. The analysis was performed for those sections 

where SASW test results were available, namely, Stations 5, 9, 14.5, 18, 22, 27, 33 

and 39. Station 5 and 9 lies in Zone A and B respectively, whereas Stations 14.5 to 
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22 belong to Zone C1 and the rest of the stations fall in Zone C2. The location of a 

particular station can be determined by multiplying the station number by 100 ft (or 

30.48m); the station 0 is located at the start of the dam (left/west end of the dam in 

Figure 6-1).  

The soil behavior type (SBT), effective friction angle (') and undrained shear 

strength (su) values, used for assigning the material properties to the FEM model of 

the dam, are presented for the respective sections. Additionally, the as-built 

drawings used to construct the model of the dam section, the location of the phreatic 

surface for long-term steady state condition and the critical deep slip surfaces are 

also provided. Typical results are presented in detail for sections belonging to each 

zone. The analysis results for all of the eight sections are also summarized and 

presented in graphical format. The dynamic stability and liquefaction analyses 

results are provided at the end of this section. 

6.5.1 Static and pseudo-static FOS of typical sections  

Zone A: Station 5 

Station 5 is located at a distance of 152 m (500 ft) from the left (west) end of the 

dam. The section lies in Zone A, which was constructed by wetting and rolling the 

embankment fill (Figure 6-1). Due to the nature of construction, this zone does not 

have a distinct core or shell. Hence the model of the dam was constructed by 

dividing the body of the dam into horizontal layers, as per the shear wave velocity 
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profile. The variation of SBT, su, ' profile of the section, the as-built drawings and 

the critical slip surfaces of the upstream and downstream slopes, whose FOS were 

determined, are shown in Figure 6-7. 

 

Figure 6-7: 2D sections of (a) SBT, (b) effective friction angle, (c) undrained 

shear strength, (d) as-built drawings, (e) upstream critical slip surface and (f) 

downstream critical slip surface at Station 5 

Figure 6-8 presents the variation of pseudo-static FOS with horizontal seismic 

coefficient, for the upstream and downstream slopes at station 5. No bore log 

information or laboratory test results on extracted soil samples were available for 

this section; hence the stability analysis for Case-1 was performed with zero 

effective cohesion, resulting in low values of static FOS and yield coefficient, 

especially for the downstream slope. The Case 3 analysis using su values for the 
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clayey soil layers resulted in unrealistic high FOS values. The static FOS (seismic 

coefficient = 0) for Cases 1, 2 and 3 for the upstream and downstream slopes are 

1.58, 1.64 and 4.25; and 1.22, 1.43 and 3.47, respectively. The yield coefficients 

for the slopes are shown in Figure 6-8.  

 
(a) (b)     

Figure 6-8: Pseudo-static FOS for station 5 (a) upstream slope and (b) 

downstream slope 

Zone B: Station 9 

Station 9 is located in Zone-B of the dam, at a distance of 274m (900 ft) from the 

left (west) end. Unlike Station-5, this section has a shell made up of wetted and 

rolled coarse-grained soil and a hydraulic-fill core, primarily consisting of fine-

grained soil. Since the CPTs were conducted along the crest and downstream toe of 

the dam, the properties of the shell were not assigned using the visualization models 

of the respective parameters; rather the properties were assigned solely based on 

limited information obtained from bore logs/borings on the slope. The 2D models 
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of SBT, su and ' were primarily used to assign the properties along the core of the 

dam and the wetted and rolled section above the core. The core of the dam is made 

up of clay to clayey silt (SBT 4 to 6), with ' ranging from 20 to 27 degrees. The 

variation of different soil properties along with the as-built drawings, demarcating 

the shell and the core of the dam is shown in Figure 6-9.  

 

Figure 6-9: 2D sections of (a) SBT, (b) effective friction angle, (c) undrained 

shear strength, (d) as-built drawings, (e) upstream critical slip surface and (f) 

downstream critical slip surface at Station 9 

Figure 6-10 presents the variation of pseudo-static FOS with horizontal seismic 

coefficient for the upstream and downstream slopes of the dam at station 9. The 

static FOS for the upstream and downstream slopes for Case 1, 2 and 3 were 1.45, 
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1.54 and 2.21; and 1.41, 1.49 and 1.82, respectively. Direct shear tests on a 

representative undisturbed sample, collected from the downstream toe, at a depth 

of 5m, revealed an effective cohesion of 30 kPa for a fat clay layer. Hence this value 

was assigned to the fat clay layer in the foundation section of Case-1 and Case-2 

analyses. The presence of the fat clay layer can also be observed in the 2D model 

of su values, as represented by green layer near the downstream toe, with su value 

of 120 kPa (Figure 6-9c). The Case-3 static FOS for station 9 was less than that of 

Station 5 because of the difference in su values, as observed on comparing Figure 

6-7c and 6-9c.  

 

(a) (b)   

Figure 6-10: Pseudo-static FOS for station 9 (a) upstream slope and (b) 

downstream slope   
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Zone C1: Station 14.5 

Station 14.5 marks the beginning of Zone C1, which has both the core and shell 

constructed by hydraulic-fill method, with the aid of starter dykes. A significant 

number of direct shear and triaxial test results of undisturbed samples were 

available and hence used for FOS determination (Case-1 and Case 2). A layer of 

lean clay with sand (c'=33 kPa, ' = 20° from CD test) and a layer of sandy lean 

clay (c'=52kPa, ' = 18° from DS test) were identified from the bore log, at a depth 

of 12.5m and 15.5m from the crest of the dam, respectively. Bore logs available at 

the downstream slope and near the toe of the dam suggests the presence of a layer 

of fat clay (c'=62kPa, '=14° DS test) overlain by a layer of over-consolidated lean 

clay (c'=167kPa, '=12° DS test) at the foundation of the dam (downstream side). 

Due to the availability of this information, these layers were assigned with the 

respective effective cohesion and friction angle values. The presence of clayey 

layers near the downstream foundation, possessing high cohesive strength can also 

be observed from the 2D slice depicting the variation of SBT and su values for this 

section (Figure 6-11a and c). Presence of clayey soil layers in the downstream toe 

of the dam is not apparent from the visualization model depicting the variation of 

effective friction angle values (Figure 6-11b); nevertheless, effective friction angle 

values obtained from DS test were assigned for these layers. 
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Figure 6-11: 2D sections of (a) SBT, (b) effective friction angle, (c) undrained 

shear strength, (d) as-built drawings, (e) upstream critical slip surface and (f) 

downstream critical slip surface at Station 14.5 

The pseudo-static FOS for Case 1 and Case 2 were almost similar for the 

downstream slope due to the use of high effective cohesion values, obtained from 

laboratory test results (Figure 6-12b). The pseudo-static FOS of the downstream 

slope for Case-3, was significantly higher than that obtained for Case-1 and Case 

2, due to the high value of su for the foundation clay layers (near downstream toe). 

The static FOS for the upstream and downstream slopes for the analysis performed 

using three different strength parameters are 1.41, 1.54 and 1.6; and 1.73, 1.75 and 

2.12, respectively. The static FOS of the downstream slope for Case 1 and Case 2 

were significantly higher than the corresponding values for Station 5 and 9 due to 
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the availability of information about the effective cohesion of the foundation clay 

(downstream side). 

 
(a) (b)     

Figure 6-12: Pseudo-static FOS for station 14.5 (a) upstream slope and (b) 

downstream slope 

Zone C2: Station 27 

Station 27 belongs to Zone C2, which is similar to Zone C1, with both the shell and 

core constructed by hydraulic-fill method of construction. A few laboratory test 

results for effective cohesion and friction angle were available and hence used for 

analysis. Direct shear test results revealed that a sandy lean clay layer, at a depth of 

12.5m from the crest, had an effective cohesion of 45 kPa and effective friction 

angle of 20°. Triaxial test result on an undisturbed sample, collected from a sandy 

lean clay layer, at a depth of 3m from the ground surface, at the downstream toe of 

the dam showed an effective friction angle of 32° and zero effective cohesion. 

These strength parameters led to a higher pseudo-static coefficient and static FOS 
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of the critical slip surfaces for Case-1 and Case-2 analysis. The pseudo-static FOS 

for Case 3 analysis was found to be higher than Case-1 and Case-2 analysis for the 

upstream slope due to the presence of layers with high su values (Figure 6-13c). 

Contrarily, the su values were found to be low for downstream toe of the dam, 

resulting in lower pseudo-static FOS (Figure 6-14). The static FOS for the upstream 

and downstream slopes for the analysis performed using three different strength 

parameters are 1.63, 1.75 and 1.73; and 1.55, 1.69 and 1.43, respectively. 

 
Figure 6-13: 2D sections of (a) SBT, (b) effective friction angle, (c) undrained 

shear strength, (d) as-built drawings, (e) upstream critical slip surface and (f) 

downstream critical slip surface at Station 27 
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(a) (b)     

Figure 6-14: Pseudo-static FOS for station 27 (a) upstream slope and (b) 

downstream slope 

Zone C2: Station 33 

Station 33 had both its shell and core constructed by hydraulic-fill method; 

additional granular fill materials were placed on the upstream and downstream toe 

of the dam after construction. These additional fill material can be observed in 

Figure 6-15. Triaxial and direct shear test results on undisturbed samples were 

available for a fat clay layer and layer of lean clay with sand, located at a depth of 

12m below the crest of the dam and 14m below the surface of the downstream fill 

material, respectively. The effective cohesion intercept of 19 kPa and 40 kPa, and 

effective friction angle of 22° and 20°, were used for the respective layers, for Case-

1 analysis. The variation of pseudo-static FOS was almost similar for three types 

of analysis for the critical section on the upstream slope of the dam (Figure 6-16a).  
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Figure 6-15: 2D sections of (a) SBT, (b) effective friction angle, (c) undrained 

shear strength, (d) as-built drawings, (e) upstream critical slip surface and (f) 

downstream critical slip surface at Station 33 

Contrarily, the pseudo-static FOS for the Case-3 analysis for the downstream slope 

was found to be significantly higher than that obtained by Case-1 and Case-2 

analysis. The rationale behind this can be comprehended on observing the location 

of critical slip surfaces shown in Figure 6-15e and f. The critical slip surface of the 

downstream slope can be observed to pass through the foundation clay layer, where 

high values of su are assigned for the undrained analysis. However, the most part 

of the upstream critical slip surface passes through the sandy shell, where effective 

friction angle is used even for Case-3 analysis, instead of the undrained shear 
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strength. The static FOS for the upstream and downstream slopes for the analysis 

performed using three different strength parameters are 1.91, 1.95 and 1.93; and 

1.75, 1.78 and 2.15, respectively. The FOS for both the slopes were higher than that 

observed for the other sections of the dam due to high su values (when compared to 

other sections) and due to the presence of extra fill materials near toe of the dam; 

hence improving the stability of the slopes. 

 

Figure 6-16: Pseudo-static FOS for station 33 (a) upstream slope and (b) 

downstream slope 

6.5.2 Static FOS and yield coefficient of the dam 

Although there were some surficial slip-surfaces with very low FOS, those cases 

were not considered as a part of this study. Only the deep slip surfaces having the 

lowest FOS were of interest and have been presented (USSD 2007).  

Figure 6-17 and 6-18 shows the variation of the static FOS and yield coefficient, 

for the critical slip surfaces analyzed for different sections of the dam. The red 
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dashed line in both the figures denotes the FOS and yield coefficient criteria used 

in this study to judge the stability of the slopes. The safety criteria of FOS>1.5 and 

yield coefficient>0.1 were adopted based on the recommendations made by 

different agencies (USSD 2007). 

There were some stations which did not satisfy the two criteria used for checking 

the safety of the sections (FOS>1.5 and yield coefficient>0.1), and those sections 

may be considered critical. The sections which did not satisfy the safety criteria for 

Case-1 analysis may not be alarming, since c' was assumed to be 0, unless 

laboratory test data was available. Hence, on assuming small values of c' (Case-2 

analysis), most of the sections satisfied the safety criteria. The downstream slopes 

of Stations 18, 22 and 27 were however observed to have a FOS < 1.5 and yield 

coefficient < 0.1 for Case-3 analysis, and may be considered critical under 

earthquake conditions. The static FOS for Case-3 analysis does not have any 

physical significance since drained condition will prevail in an 85 years old dam, 

under long-term steady state seepage conditions. Nonetheless, the Case-3 analysis 

provides a surrogate measure of the stability of the slopes during earthquakes and 

is also required for performing a pseudo-static analysis.  

It is important to note that the data presented in Figure 6-17 and 6-18 corresponds 

to the particular slip surface which had the lowest static FOS for Case-1 analysis. 

However, it is not mandatory for the same slip surface to have the least FOS, among 
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all the deep slip surfaces, for both Case-1 and Case-3 analysis. Hence it was 

necessary to separately determine the critical slip surface for Case-3 analysis. 

Moreover, studying the FOS of a single slip surface for each section of the dam 

does not provide any information about the remaining probable slip surfaces. Hence 

the FOS is represented in the following section, in terms of distribution of FOS. An 

approach to determine the critical sections during earthquakes is also elucidated.  

 

Figure 6-17: Static FOS for different stations analysed (a) upstream slope and (b) 

downstream slope 
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Figure 6-18: Yield coefficient for different stations analysed (a) upstream slope 

and (b) downstream slope 

6.5.3 Determination of critical sections    

6.5.3.1 Representation of FOS 

An effective way of representing the static FOS was adopted to present the FOS of 

a slope. The method of representation is illustrated in Figure 6-19, using the FOS 

results obtained for the slip surfaces of downstream slope of station 27. The FOS 

of all the slip surfaces, ranging from the least value to a FOS of 2, were arranged in 

ascending order and distributed into intervals of 0.1, as shown in Figure 6-19. The 

percentage of slip surfaces lying within the respective range of static FOS is plotted 

to obtain the distribution of FOS. A slope is declared safe if the least FOS for a 

deep slip surface is greater than 1.5, otherwise, it is declared as critical. For the 

same distribution of FOS, two typical cases are shown; a safe section and a critical 
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section. The judgment on the safety of a section is made based on the FOS of the 

deep slip surface with the least FOS. For the section marked as safe, even though 

there was a significant portion of slip surfaces having FOS < 1.5, these were 

surficial slip surfaces, which were ignored for this study. The variation of FOS of 

the critical sections, for the upstream and downstream slopes, along the length of 

the dam, is presented in the following section. 

 

Figure 6-19: Representation of FOS of a slope 

The variation of FOS is presented in Figure 6-20 using the same representation 

technique as described in Figure 6-19. Since the FOS results for all the stations are 

shown at the respective location along the crest of the dam, the percentage of slip 

surfaces having a certain range of FOS is represented on the distance scale, for all 

the three analysis cases. The percentage values can be obtained for the respective 
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cases using the ‘Scale’ provided in Figure 6-20. The distribution of FOS for the 

three analysis cases are shown by black, blue and red, respectively.  

6.5.3.2 Critical sections  

Figure 6-17 and 6-18 suggested that all the sections satisfied the recommended FOS 

and yield coefficient criteria for Case-1 and Case-2 analysis. Hence, it can be 

reasonably concluded that the dam is safe based on static steady-state seepage 

conditions. The probable stability problems of a dam section, in the event of an 

earthquake, was hence studied for the deep slip surface with the lowest FOS for 

Case-3 analysis (purple line in Figure 6-20). As represented in Figure 6-19, only 

those sections which had the least FOS (for the deep slip surface) < 1.5 was 

considered critical. It can be observed that the upstream slope of Station 5, 33 and 

39 had a significant percentage of slip surface below 1.5, however, the least FOS 

of the deep slip surface was greater than 1.5, and hence can be considered to be safe 

during earthquake events.  
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Figure 6-20: Variation of FOS along length of dam (a) upstream slope and (b) downstream slope 



257 

 

 

Figure 6-21: Yield coefficient for different stations analysed (a) upstream slope 

and (b) downstream slope for Case-3 (deep slip surface with least FOS) 

The critical slip surfaces along the length of the dam can be easily determined by 

observing the location of the stations which have FOS < 1.5 and yield coefficient < 

0.1 (Figure 6-20 and 6-21). The portion of the dam lying between Station 14.5 and 

27 may become critical during earthquakes, although their static FOS and yield 

coefficients, for Case-1 and Case-2 analysis, were greater than 1.5 and 0.1 

respectively. It is important to note that this critical region of the dam was 

constructed by hydraulic-fill method. During construction of the hydraulic-fill core, 

provision was kept for draining out the very fine-grained clay fraction of the soil 

after depositing the fill material in the core. This was purposefully done to reduce 

the construction time since such fine clay particles would have taken a significant 

amount of time to settle. The values of undrained shear strength for this zone of the 
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dam was thus less than other sections of the dam, leading to lower FOS and yield 

coefficient.  

In this analysis, the effect of increase in pore water pressure in the shell of the dam 

was not incorporated, to be consistent with the requirements of pseudo-static 

analysis. However, in the event of earthquakes, excess pore water pressure may 

develop in the shell of the dam, in addition to the undrained behavior of core of the 

dam. Further study was thus performed to incorporate the effect of excess pore-

water pressure generation. During the time-history analysis of some of the sections 

of the dam, there were some time instants when the average acceleration was 

greater than the respective yield acceleration. Although this would not mean the 

complete collapse of the dam, there would be some accumulated deformations. The 

deformation obtained by Newmark deformation analysis of the downstream and 

upstream slopes, for the two earthquake cases is presented in Figures 6-22 and 6-

23.  

6.5.4 Deformation analysis and serviceability criterion 

The deformation for all the sections were found to be less than the tolerable 

deformation limit of 30 cm (1 ft) recommended by USACE. The high value of 

deformation for station 5, case 1 analysis was due to unavailability of c' data. The 

low yield coefficient and low static FOS resulted in such high values of deformation 

as compared to other sections. However, it should be noted that deformation is 
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associated with earthquake-induced shaking, and hence Case-1 and Case-2 

deformations are not of practical significance since effective stress analysis was 

performed for these cases. The deformation incurred by the critical sections for 

Case-3 analysis was significantly higher than that observed for Case-1 and Case-2 

analysis (Figure 6-22 and 6-23); nevertheless, the deformation was less than 30 cm 

(1 ft), and hence the dam can be assumed to be safe based on the serviceability 

condition. The deformation in case of Enola earthquake was found to be more than 

that for Norfolk since the predominant frequency of the earthquake was close to the 

natural frequency of the dam section, resulting in amplified vibration. The 

deformation of the downstream side of the dam was also observed to be more than 

that of the upstream slope. The load of the impounding water, which facilitates in 

increasing the stability of the upstream slope, lead to higher static FOS and yield 

coefficient, when compared to the downstream slope (Fell et al. 2005; Pinyol et al. 

2008). However, the saturated upstream shell may be susceptible to cyclic 

liquefaction during an earthquake, and hence may become unstable. Such analysis, 

which includes the effect of excess pore water pressure, is presented towards the 

end of this chapter. 
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Figure 6-22: Plastic deformation of downstream slope for (a) Enola and (b) 

Norfolk earthquake 

 

Figure 6-23: Plastic deformation of upstream slope for (a) Enola and (b) Norfolk 

earthquake 
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6.5.5 Reliability-based analysis 

The analyses results presented so far were solely based on the average estimated 

values of the respective shear strength parameters. However, there is a significant 

uncertainty and variability associated with the estimation of the shear strength 

parameters.  A reliability analysis was thus performed to incorporate the effect of 

such uncertainties, in the pseudo-static analysis.   

Figures 6-24 and 6-25 depicts the variation of reliability index and the 

corresponding probability of failure with an increase in horizontal pseudo-static 

seismic coefficient, for the critical slip surfaces of the downstream and upstream 

slopes, respectively. It should be noted that term ‘failure’ denotes the event when 

the factor of safety falls below unity, for a given seismic coefficient. As mentioned 

earlier, the pseudo-static factor of safety less than unity doesn’t necessarily imply 

a catastrophic failure of the dam. The reliability index can be observed to decrease 

following a perfect linear trend, with the increase in seismic coefficient, for all the 

sections considered for the analysis. This can be attributed to the increase in the 

constant horizontal body force considered in the pseudo-static analysis, which 

affects the stability of the structure and reduces the mean value of factor of safety 

obtained from the Monte Carlo simulations. The rate of reduction of reliability 

index was found to vary from one section to another. This may be due to the 

difference in location of the critical slips surface and changes in mean and standard 

deviation values of the material properties through which the critical slips surface 
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passes, at different sections of the dam. A shift in the mean factor of safety close to 

1 implies the inclusion of a greater area of the normal distribution curve of the 

probability density function of the factor of safety to fall below unity. Hence, the 

probability of failure can be observed to drastically increase with an increase in 

horizontal seismic coefficient. Figure 6-24b and 6-25b suggest that the hydraulic-

fill segment of the dam, from Station 14.5 to Station 27, may be considered 

hazardous even for very low seismic coefficients (Table 2-7). These observations 

are in agreement with that represented in Figure 6-20, which was used to determine 

the critical sections along the length of the dam. The plots shown in Figure 6-24b 

and 6-25b can be used to judge the expected performance level of the dam (Table 

2-7) during seismic events and detect the sections which may require immediate 

attention and pro-active remedial measures. Furthermore, the reliability analysis 

provided important information on the effect of uncertainty associated with the 

material properties used for the analysis, on the stability of the structure. 
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(a)                                (b) 

Figure 6-24: Variation of (a) Probability of failure and (b) reliability index with 

horizontal seismic coefficient for critical downstream slope 

  

(a)                                      (b) 

 Figure 6-25: Variation of (a) Probability of failure and (b) reliability index with 

horizontal seismic coefficient for critical upstream slope 
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6.5.6 Liquefaction assessment 

The pseudo-static analyses, performed to evaluate the performance of different 

sections of the EM dam does not capture the effect of the time-dependent response 

of the structure during earthquake events. Moreover, the impact of accumulation of 

excess pore water pressure, in the sand shell or foundation sand layers is not 

accounted for in the analysis. Since the primary reason behind the failure of several 

hydraulic-fill and tailing dams around the world was attributed to the liquefaction 

of sand layers, it was imperative to reassess the stability of the EM Dam during 

probable earthquake events, including the effect of cyclic liquefaction. Unlike the 

Newmark deformation analysis, which was performed with two earthquake time-

history data, scaled to a PGA of 0.3g, the dynamic analysis was performed using 

actual earthquake time-history data (unscaled), recorded at different stations in 

Oklahoma and Arkansas (Figure 6-5). The following section presents the cyclic 

liquefaction and flow liquefaction analysis results. The critical sections of the dams 

are determined and are compared with the findings of the pseudo-static and 

Newmark deformation analysis. 

6.5.6.1 Cyclic liquefaction analysis 

The earthquake time-history data (Figure 6-5) were selected to cover a wide range 

of frequency contents, to study the effect of the frequency content of the earthquake, 

in addition to the intensity of the earthquake excitation (peak acceleration and 

magnitude). For each of the eight sections, the analysis was performed for eight 
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different excitations, considering two different earthquake magnitudes (M<6.5 and 

M=7). The variation of the factor of safety with the time of earthquake was recorded 

for the critical slip surfaces determined from the static and pseudo-static analysis. 

A color coding scheme was used to represent the performance of the dam during 

different earthquake events. The green color was assigned when the FOS of a slip 

surface under consideration did not fall below 1, for any time instant of the 

earthquake excitation (Figure 6-26a). A yellow ochre color was assigned when the 

FOS marginally dropped below 1 for a time instant of the earthquake, and was 

designated as critical (marked with red) when the FOS dropped significantly below 

1 (Figure 6-26b and c). 

       

(a)          (b) 

Safe Just below 1 
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(c) 

Figure 6-26: Color coding used to represent the stability of the slip surfaces (a) 

Safe, (b) FOS just below 1, and (c) critical 

The event of the factor of safety falling below does not necessarily mean a 

catastrophic failure, rather some permanent accumulation of deformation is 

expected. In this study, the deformation of the slip surface is not estimated, rather 

the variation of FOS has been used as a surrogate measure of the performance of 

the dam during seismic events. Since laboratory test data of undrained cyclic 

triaxial test on undisturbed samples of sand extracted from the shell was 

unavailable, it was not possible to estimate the accumulated strain/deformation 

during earthquake shaking. In case of real earthquakes, the cases marked green are 

expected to have the least deformation, followed by the yellow ochre and red color 

coded cases.  

Figure 6-27 and 6-28 illustrate the results of variation of FOS of the 

upstream and downstream critical surfaces at Station 9, respectively, when 

subjected to earthquakes A through H (M<6.5). The impact of the peak acceleration 

Critical 
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of the earthquake is apparent from these figures, with an increase in fluctuations in 

the dynamic FOS when subjected to earthquakes A (PGA = 0.001g) to H (PGA = 

0.402g). The increase in peak acceleration results in an increase in the earthquake-

induced forces on the critical slip surface. Moreover, a higher peak acceleration 

leads to an increase in the cyclic stress ratio, estimated at different Gauss integration 

points of the FEM model of the dam shell. This results in an increase in excess pore 

water pressure and subsequent reduction in shear strength provided by the segment 

of the slip surface passing through the sand layers. The combined effects of these 

two factors resulted in a higher fluctuation in the FOS and also lead to a decrease 

in FOS below 1, for some time instants (Figure 6-27h and 6-28h). 

 

(a)          (b) 

 
          (c)        (d) 
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         (e)       (f) 

 
          (g)      (h) 

Figure 6-27: Dynamic factor of safety of critical upstream slope of Stn. 9 when 

subjected to earthquakes (a) A, (b) B, (c) C, (d) D, (e) E, (f) F, (g) G and (h) H 

 
          (a)        (b) 

 
         (c)       (d) 
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             (e)                                                             (f) 

 
          (g)       (h) 

Figure 6-28: Dynamic factor of safety of critical downstream slope of Stn. 9 when 

subjected to earthquake (a) A, (b) B, (c) C, (d) D, (e) E, (f) F, (g) G and (h) H 

 

An apparent anomaly in the variation of FOS can be observed by comparing 

the dynamic FOS results of Figure 6-27 and Figure 6-28 c, d, and e. Despite having 

a higher PGA, the variations in the dynamic FOS results for earthquake E (PGA = 

0.05g) is less significant as compared to that observed for earthquakes C (PGA = 

0.038g) and D (PGA = 0.04g). The rationale behind this behavior can be 

comprehended by comparing the predominant frequencies of earthquakes C, D and 

E, with the first natural frequency of Station 9 (Figure 5-20). The predominant 

frequency of earthquakes C and D were close to 2.7 Hz, the first natural frequency 

of Station 9. This resulted in an amplified vibration due to a near-resonance 

condition. Contrarily, the predominant frequency of earthquake E was close to 11.8 
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Hz, which was significantly different from the first natural frequency of the 

structure. The near-resonance amplification resulted in a higher earthquake-

induced force/acceleration to act on the body of the slip surface, causing the 

observed fluctuations in the FOS (against the time of the earthquake). The effect of 

the predominant frequency of the earthquake excitation can be better observed by 

studying the figures depicting the excess pore water pressure accumulated in the 

sand layers of the dam.  

Figure 6-29 presents the excess pore water pressure developed in the sand 

layers of the dam (Station 9), when subjected to earthquake excitations A through 

H. An increase in excess pore water pressure can be observed in the shell and 

foundation sand layers, with an increase in the peak acceleration of the earthquakes. 

Despite having a lower PGA, the excess pore water pressure generated in the 

upstream shell of the dam in case of earthquakes B, C, and D, were significantly 

higher than that for earthquake E. This suggests that the predominant frequency of 

an earthquake excitation plays a significant role in the seismic stability of the slopes 

of a hydraulic-fill dam, especially when the comparison is being made between two 

earthquake excitations with the similar peak accelerations.  

However, the excess pore water pressure developed near the surface of the 

upstream shell, for earthquakes with PGA less than 0.06g, would merely cause 

surficial failures, with raveling of the surface sand, which should not hamper the 

overall stability of the dam. Moreover, the presence of rip rap and near-surface clay 
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layer of soil was not taken into consideration. The generation of excess pore water 

pressure was significant for earthquake H; however, such strong earthquake 

excitations with PGA of 0.402g are not expected for the EM dam site and may be 

considered a hypothetical case. Based on deterministic seismic hazard analysis, the 

peak ground acceleration of an earthquake was estimated as 0.02g (Caballero 

2017). Hence the EM dam is expected to be safe during possible earthquakes with 

PGA less than 0.06g. The analysis results are based on the cyclic number function 

assumed for the study. Further studies with undrained cyclic triaxial test results 

would be needed to accurately estimate the increase in pore water pressure, assess 

the chances of liquefaction and estimate the associated deformations. 

The excess pore water pressure in the foundation sand layers and deeper 

layers of the sand shells can be observed to be insignificant for earthquakes A 

through E. However, an increase in peak acceleration of the earthquake excitation 

to 0.09g and above, may lead to liquefaction of the sand layers and cause stability 

issues, especially for the upstream shell of the dam. Figure 6-30a shows that the 

FOS of a slip surface passing entirely through the upstream shell degraded from 1.8 

to 0.35 at the end of the earthquake excitation. The reason behind the drop in FOS 

can be attributed to increase in excess pore water pressure in the upstream shell of 

the dam (Figure 6-30b). The foundation sand layer, especially below the dam 

embankment, was observed to be more stable as compared to the upstream shell 

due to the high effective overburden pressure and initial confining stresses.  
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(g) 

 
 

(h) 

Figure 6-29: Excess pore water pressure generated in the upstream shell, downstream shell and foundation sand layer of Stn. 9 when 

subjected to earthquake (a) A, (b) B, (c) C, (d) D, (e) E, (f) F, (g) G and (h) H
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(a)                                                          (b) 

Figure 6-30: (a) Dynamic factor of safety of a surficial slope passing through 

upstream shell of Stn. 9; (b) Variation of excess pore water pressure at a point 

near the surface in the upstream slope, when subjected to earthquake G 

 

The performance of the dam sections under different earthquake events have been 

compiled and presented using color-coded tables in Figure 6-31.  The FOS during 

different earthquake events were observed to be higher than 1 for most earthquakes 

with PGA less than 0.06g. However, there were some events (marked with yellow 

ochre) when the FOS just stooped below one for a small instant of time. The FOS 

significantly dropped below one for some of the sections in the hydraulic-fill zone 

of the dam (Zone C1) when the peak acceleration of the earthquake was greater than 

0.09g. The stations ranging from 14.5 to 27 were found to be the most critical 

sections, which is in agreement with the observations made from the pseudo-static 

analysis. The detrimental effect of an earthquake with high magnitude, peak 

acceleration, and the event with the predominant frequency of the earthquake close 

to the natural frequency of the earthen dam, can be observed in Figure 6-31. 
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Earthquakes A B C D E F G H

Predominant frequency (Hz) 1.14, 1.80 1.51, 2.24, 4.25 2.5, 5.03, 9.57 2.5, 3.37, 7.08 11.82, 11.87 1.95, 4.49, 6.64 5.86, 7.72, 11.38 2.98, 5.81

Peak acceleration (g) 0.001 0.035 0.038 0.04 0.05 0.097 0.146 0.402

Station 5

Station 9

Station 14.5

Station 18

Station 22

Station 27

Station 33

Station 39

Earthquakes A B C D E F G H

Predominant frequency (Hz) 1.14, 1.80 1.51, 2.24, 4.25 2.5, 5.03, 9.57 2.5, 3.37, 7.08 11.82, 11.87 1.95, 4.49, 6.64 5.86, 7.72, 11.38 2.98, 5.81

Peak acceleration (g) 0.001 0.035 0.038 0.04 0.05 0.097 0.146 0.402

Station 5

Station 9

Station 14.5

Station 18

Station 22

Station 27

Station 33

Station 39
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(c) 

 

 
 

(d) 

Figure 6-31: Dynamic stability analyses results for different sections of the dam when subjected to different earthquake 

conditions for upstream slope (a) M < 6.5, (b) M = 7; and downstream  slopes (c) M < 6.5 and (d) M = 7
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6.5.6.2 Flow liquefaction analysis 

 

The cyclic liquefaction analyses suggested chances of liquefaction-induced 

stability issues in the different sections of the dam, especially for earthquake events 

with high peak accelerations and when the predominant frequency of the 

earthquake excitation is close to the first natural frequency of the dam sections. The 

effect was pronounced when the peak accelerations of the earthquake were 0.09g 

and above. In addition to cyclic liquefaction assessment, the susceptibility for flow 

liquefaction was also assessed based on the state parameter of the foundation sand 

layers. The CPT data was used to determine the soil behavior type (SBT), and the 

CPT data corresponding to predominantly sand type soils, having an SBT value 

ranging from 7 to 10 (on a scale of 1 to 12), was used to obtain the normalized 

friction factor and normalized cone resistance. The obtained data suggest that other 

than station 39, the foundation sand layers had a negative value of state parameter, 

which implies that the foundation sand of the dam can be considered to be safe 

against flow liquefaction (Figure 6-32). A more thorough analysis would have been 

possible if laboratory test results on the undrained steady state shear strength and 

inclination of the flow liquefaction surface were available. Further studies are 

required to comprehensively evaluate the chances of flow liquefaction. 
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(a)                                (b) 

 

  
                        (c)                                (d) 
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   (e)                              (f) 

 

 
   (g)                             (h) 

 

Figure 6-32: Flow liquefaction susceptibility check for foundation sand layers in 

(a) Stn. 5, (b) Stn. 9, (c) Stn. 14.5, (d) Stn. 18, (e) Stn. 22, (f) Stn. 27, (g) Stn. 33 

and (h) Stn. 39, based on state parameter 

6.6 Summary 

In this chapter, pseudo-static, decoupled Newmark deformation type of analyses, 

and dynamic stability analyses were performed to evaluate the stability of the slopes 

of the EM dam for probable seismic events. The effect of material variability was 
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incorporated into the analysis using three-dimensional visualization models of 

different strength parameters of the dam, generated using in-situ test results, and 

interpolated using geostatistics-based kriging analysis. Two earthquake time-

history data, having significantly different predominant frequencies, were scaled to 

PGA of 0.3g based on PSHA, and used for performing the decoupled Newmark 

deformation analysis. Eight earthquake time-history data (unscaled), were used to 

estimate the excess pore water pressure in the sand layers and for performing the 

dynamic stability analysis. The following conclusions can be drawn based on the 

analysis results: 

 The strength parameters obtained from the three-dimensional visualization 

models created using kriging analysis was able to capture the variation in 

different strength properties along the length of the hydraulic-fill dam. 

Assigning the respective material properties in the stability analysis is 

expected to give accurate results when compared to the traditional method 

of assigning representative material properties at different zones of the dam.  

 The hydraulic-fill dam can be considered to be stable during normal 

working condition. However, some sections of the dam, especially in Zone 

C1, may be critical during the earthquake loading conditions. The new 

method of representing the factor of safety results, in terms of the 

distribution of factor of safety was found to be effective for identifying the 

critical sections. 
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 The factor of safety obtained on performing a static analysis using 

undrained shear strength parameters was found to be a good surrogate 

measure of the stability of the dam during seismic events. The sections 

which had low values of factor of safety for the Case-3 analysis, were also 

found to have low yield coefficients and higher plastic deformations during 

an earthquake, as compared to the other sections. This shows the importance 

of performing a static stability analysis with undrained strength parameters 

for the clay layers below the phreatic surface, even though such an analysis 

does not have any physical significance. 

 The dam can be considered to be safe based on the serviceability criteria of 

plastic deformation, provided that significant excess pore water pressure 

does not generate during seismic events. However, if the effect of increase 

in pore water pressure and associated loss in shear strength in the sand shell 

is significant, the deformations need to be re-evaluated. 

 The probability of failure of the dam sections were found to drastically 

increase and the reliability index was observed to decrease with an increase 

in the horizontal seismic coefficient. The decline in the reliability index was 

found to follow a perfectly linear trend, for all the sections of the dam. 

 The reliability analysis suggests that the Zone C1 of the dam falls in the 

hazardous zone, even for low horizontal seismic coefficients, as per the 

USACE recommendations. Stations 9 to 27 of the dam was also found to be 
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in the hazardous zone, for a seismic coefficient of 0.1g, which roughly 

corresponds to an earthquake with PGA of 0.3g. Hence proactive remedial 

measures are required for this sections of the dam to avoid any catastrophic 

consequence during a 0.3g PGA earthquake. 

 Based on the dynamic slope stability analysis results, the different sections 

of the dam should be safe for earthquakes with PGA of 0.06g and below. 

The dam may withstand earthquakes with even higher peak ground 

accelerations, provided that the predominant frequency of the earthquake is 

distinct from the natural frequency of the dam.  

 The critical sections identified based on the pseudo-static analysis and 

dynamic stability analysis were found to be similar. This justifies the 

effectiveness of the simple pseudo-static analysis, for being used as a 

screening tool and obtaining an index on the performance of dams during 

earthquake events. Both the methods of the analysis found the hydraulic-fill 

zone C1 to be critical.   

 The upstream shell of the dam may be susceptible to cyclic liquefaction and 

there may be certain portions of the upstream shell which may collapse due 

to build-up of excess pore water pressure and subsequent strength loss. The 

foundation sand layer, especially near the toes of the dam, where the 

effective overburden pressure is not significant, may also be susceptible to 

cyclic liquefaction. The chances of cyclic liquefaction induced instability 
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issues will increase with the increase in peak acceleration and magnitude of 

the earthquake. Even for an earthquake with low peak acceleration (about 

0.03g), cyclic liquefaction may happen in the sand layers if the predominant 

frequency of the earthquake excitation is close to the natural frequency of 

the dam. However, based on the state parameter estimated for the sand 

layers, the foundation sand seems to be not susceptible to flow liquefaction. 

 All the analysis performed in this section were based on the shear modulus 

values estimated for the layers of the dam embankment. However, literature 

suggests chances of a wide margin of deviation in the estimated results due 

to inter-method and intra-method variability. Hence a sensitivity is required 

to comprehend the impact of incorrect estimation of the small strain shear 

modulus values on seismic response and stability analysis. This topic is 

discussed in detail in the next chapter.  
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7. Chapter 7: Evaluation of uncertainty associated with seismic 

stability analysis  

The contents of this chapter has been published in IFCEE 2018: Developments in 

Earth Retention, Support Systems, and Tunneling, ASCE Geotechnical Special 

Publication 297 and is being re-used with permission from ASCE (Appendix A). 

Title of article: “Impact of Variation of Small Strain Shear Modulus on Seismic 

Slope Stability Analysis of a Levee: A Sensitivity Analysis” 

DOI of the full article: 10.1061/9780784481608.029 

7.1 Introduction 

Shear wave velocity (Vs) and small strain shear modulus (Gmax) are important 

fundamental soil properties, which are widely used in geotechnical engineering 

problems involving dynamic loading conditions (Banerjee 2017; Chaney et al. 

1996; Kayen et al. 2013; Mayne and Rix 1995). The maximum shear modulus 

(Gmax) corresponds to the shear modulus of the soil at strain level less than 0.001% 

(Mayne and Rix 1995; Robertson et al. 1986b; Stokoe et al. 1991).  

The Gmax (and Vs) values are used for estimating the response of earthen 

structures, such as dams and levees subjected to earthquake loading conditions, 

assess the stability of slopes and evaluate soil liquefaction potential (Gazetas 1981; 

Kayen et al. 2013; Piao et al. 2006; Raptakis and Makra 2015). The Gmax (and Vs) 

values can be estimated by different methods, such as laboratory tests on 

undisturbed soil samples, in-situ tests or by using empirical or semi-empirical 

correlation equations. Maximum shear modulus is related to the shear wave 

velocity as shown in equation 4.7. 

https://doi.org/10.1061/9780784481608.029
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𝐺𝑚𝑎𝑥 =  𝜌. 𝑉𝑠
2

                                          (4.7) 

where ρ is the bulk density of the soil.                       

Laboratory tests include bender element tests or resonant column tests on 

undisturbed soil samples, performed under similar confining pressure conditions as 

expected in the field (Chaney et al. 1996; Suits et al. 2005). However, sample 

disturbances and incorrect estimation of the stress state of the soil under in-situ 

condition may lead to erroneous estimation of Gmax, with a difference of 100% or 

more as compared to field test results (Anderson et al. 1978; Hryciw 1990). The 

best method to estimate these parameters is to conduct in-situ tests with minimum 

soil disturbance (Hryciw 1990; Mayne and Rix 1995). Thus, the tests carried out 

under field conditions are expected to provide a better estimation of the Gmax values. 

It is essential to incorporate the effect of anisotropic stress conditions existing in 

the field, which may result in variation in Vs with the direction of propagation of 

the waves (Roesler 1979; Stokoe et al. 1985; Yan and Byrne 1991). The in-situ tests 

include invasive methods such as crosshole test, downhole test, suspension logging 

test, or seismic cone penetration test (SCPT) (Hryciw 1990; Mayne and Rix 1995; 

Moss 2008; Robertson et al. 1986b); and non-invasive techniques such as spectral 

analysis of surface waves (SASW), multichannel analysis of surface waves 

(MASW), frequency-wavenumber method (f-k method), refraction microtremor 

(ReMi), seismic reflection/refraction test or microtremor array measurements 

(MAM) (Marosi and Hiltunen 2004; Moss 2008; Stokoe et al. 1991).  
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It may not be feasible to conduct in-situ tests under certain circumstances, 

such as economic constraints or unavailability of specialized equipment. The Gmax 

values are estimated using semi-empirical or empirical correlations in such cases 

(Mayne and Rix 1995). Semi-empirical correlations relate Gmax values to mean 

effective stress, void ratio, relative density, plasticity index, over consolidation 

ratio, and other factors which influence the shear wave velocity of soil (Hryciw 

1990; Robertson et al. 1995; Seed and Idriss 1970; Seed et al. 1986).  

The values of Vs or Gmax can also be estimated from empirical correlations 

with standard penetration tests (SPT), cone penetration tests (CPT), dilatometer test 

(DMT), pressuremeter test (PMT) or Becker penetration test (BPT) (Ahmed 2016; 

Akin et al. 2011; Hryciw 1990; Robertson and Cabal 2015; Rollins et al. 1998). A 

vast database of Vs (and Gmax) values for different types of soil from around the 

globe and their corresponding test results (SPT, CPT, BPT, DMT, PMT, etc.) were 

used by researchers to perform regression analysis and obtain these correlations. 

The choice of a particular method for determining the shear wave velocity profile 

of subsurface layers depends on several factors, including the type and importance 

of the project, associated costs and budget, expertise and experience of engineers. 

There are several methods available for estimation of Gmax values. However, 

a significant difference is observed in the result obtained by these methods. Several 

researchers have studied the intra method and inter method variability in estimated 
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Gmax values. The inherent variability and heterogeneity of subsurface soil layers, 

the fundamental difference in the philosophy of various testing methods, and 

differences in interpretation of results by different individuals primarily lead to the 

variability in the estimated Gmax values obtained from different methods (Moss 

2008). Moreover, the extent of the difference in estimated Vs varies with depth and 

complexity of the subsurface soil profile (Marosi and Hiltunen 2004; Moss 2008; 

Raptakis and Makra 2015). Robertson et al. (1986) reported that Vs obtained from 

CPT downhole tests was consistently higher than those obtained from the crosshole 

tests by a margin of 20%, leading to a deviation of about 40% in the estimated Gmax 

values. The average error in Gmax obtained using empirical correlations with 

Dilatometer test was found to be around 23% (Hryciw 1990). A study by Mayne 

and Rix (1995) showed that Vs obtained from CPT correlations deviated from those 

obtained using SASW test; with an error margin upto 50%. The difference in the Vs 

profile was found to decrease with prior knowledge about the void ratio profile of 

the site. However, such an information is seldom available beforehand for any 

projects.  

Correlation equations used to obtain shear wave velocity from equivalent 

N60 from Becker penetration test was reported to vary within a margin of ± 30% of 

that obtained from field tests (Rollins et al. 1998). The deviation was found to be 

as high as ± 50% for some cases. The intra-method variability for SASW tests was 

reported to have a coefficient of variation of 5 to 6%, while those for downhole 
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tests and SCPT varied from 1 to 3% (Moss 2008). The study by Moss (2008) also 

provides an excellent compilation of inter-method variability (using various 

invasive and non-invasive field testing techniques) in the estimated Vs, that has been 

reported by several researchers. Other studies have stated that the margin of error 

in determining shear wave velocity may vary from -30% up to +110% (Ahmed 

2016; Raptakis and Makra 2015).  

The existing literature hence provides some insight on the possibility of 

inaccurate estimation (both underestimation and overestimation) of Vs (and Gmax) 

using the different methods available. Although the extent of deviation of the 

estimated Vs (and Gmax) depends on the testing technique or correlations used and 

vary from one site to another, it is evident from the available literature that a 

significant uncertainty remains in the estimation of shear wave velocity profile and 

small strain shear modulus. Since the shear wave velocity and small strain shear 

modulus are important parameters in seismic response analysis and seismic slope 

stability analysis of earthen structures like dams and levees, it is expected that errors 

in estimation of Gmax values will affect the behavior of these structures under 

dynamic loading conditions.  

Sensitivity analyses in slope stability studies are often performed to gauge 

the relative importance of different parameters in the analysis and understand the 

impact of erroneous estimation of a particular input parameter. Commercially 

available software provide the option to implement sensitivity studies and 
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determine the effect of variation of different parameters such as cohesion, angle of 

internal friction, and unit weights. However, no such analyses are usually 

performed to study the effect of erroneous estimation of Gmax values of different 

layers of an earthen structure.  

Furthermore, Gmax is an important parameter for seismic stability analysis, 

and existing literature clearly portray the possibility of high deviation in the 

estimated Gmax values using different existing methods. Hence in this study, a 

sensitivity analysis was performed on an earthen embankment structure in North 

Texas to gain some understanding of the impact of inaccurate estimation of Gmax 

values, on the response of the structure and the stability of its slopes under seismic 

loading conditions. 

7.2 Methodology 

This section describes the tasks conducted to study the impact of variation of small 

strain shear modulus on seismic response and stability of the slopes of an earthen 

embankment structure. A section perpendicular to the axis of a 15m high levee 

located in North Texas was used for the analysis. A plane strain, equivalent linear 

analysis was performed using a finite element based software. The embankment 

section was divided into eleven horizontal layers, based on the shear wave velocity 

profile obtained from in-situ tests. The shear strength parameters of the 

corresponding layers were obtained using CPT correlations, corroborated by 

consolidated undrained triaxial tests conducted in the laboratory.  
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The modulus degradation curve and the damping ratio curve for equivalent 

linear analysis were obtained from the available literature (Ishibashi and Zhang 

1993). Before conducting the dynamic analysis, the factor of safety (FOS) under 

static stress conditions was determined for both the side slopes of the structure using 

the Morgenstern-Price method. The layered geometry of the embankment section, 

the corresponding material properties used for the analysis and the slip surfaces 

which had the least FOS (critical slip surfaces) under static condition are shown in 

Figure 7-1. 

 

Figure 7-1: Embankment section with critical slip surfaces under static condition 

 The embankment structure was subjected to two earthquake excitations to 

perform the sensitivity analysis. The time history data and corresponding frequency 

Layer c' (kPa) φ' γ (kN/m
3
) V s (m/s)

L1 0.0 36° 19.6 146

L2 0.0 35° 19.6 122

L3 5.0 34° 20.7 177

L4 5.0 33° 20.2 213

L5 2.5 32° 20.2 223

L6 5.0 30° 20.2 259

L7 5.0 28° 20.2 207

L8 10.0 27° 20.2 244

L9 15.0 27° 20.7 213

L10 5.0 25° 20.4 232

L11 5.0 26° 20.4 290
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L4 
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content data for M4.7 Oklahoma earthquake of 19th November 2015, recorded at 

Caldwell, KS and M4.5 Oklahoma Earthquake of 2nd November 2016, recorded at 

Pawnee, OK are shown in Figure 7-2. Both time-history data were scaled to a peak 

acceleration of 0.05g.  

 

 

Figure 7-2: Time history data of (a) Caldwell and (b) Pawnee earthquake; FFT 

data for (c) Caldwell and (d) Pawnee earthquake 

 

Two different types of Gmax variation regimes were followed. The first type 

of variation involved varying the Gmax values for each of the eleven layers, one at a 

time, without any change in the properties assigned to the remaining ten layers. 

This would provide some understanding of the impact of an erroneous estimate of 

Gmax values of a particular layer. The second type of variation involved varying the 

Gmax values of the layers as a group. The first (top) four layers (L1, L2, L3 and L4) 

formed the first group, L1-G; the following (middle) four layers (L5, L6, L7 and 



294 

 

L8) formed the second group, L2-G; and the remaining (bottom) three layers (L9, 

L10 and L11) formed the third group, L3-G. Unlike the first type of variation, the 

Gmax values for the second type of variation were altered as a group, i.e. the Gmax 

values of all the layers of a group were varied at a time, without changing the Gmax 

values of other layers of the remaining two groups. For both the types of variation, 

the Gmax values (of each layer for the first type of variation and each group of layers 

for the second type of variation) were varied from 60% to 140% of that obtained 

from in-situ tests, in increments of 10%. This would simulate the effect of 

overestimation and underestimation of Gmax values existing in the field. The natural 

frequency, peak crest acceleration and the minimum FOS (for both the slopes), 

when subjected to seismic loading were determined for each of the Gmax 

combinations.  

In a time-history analysis, the FOS of a slip surface varies with time due to 

variation in the horizontal forces induced owing to the seismic excitation. The 

minimum FOS of the slip surfaces (shown in Figure 7-1) over the entire time 

duration of the earthquake was used to study the effect of inaccurate estimation of 

Gmax values on seismic stability of the slopes. The slip surfaces have been named 

as L (for left slip surface) and R (for right slip surface) in the following section. 

Effect of water on the upstream side of the structure was not considered in this 

study. It was expected that including the effect of water on the upstream side would 

affect the sensitivity analysis due to the variation in excess pore water pressure 
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developed during seismic loading. This would result in a change in the shear 

strength of soil for different Gmax combinations, which is undesirable for this 

sensitivity analysis. 

7.3 Analysis and discussion of results 

This section presents the results obtained from the sensitivity analysis performed 

by varying the Gmax values following two different variation regimes mentioned in 

the previous section. The consequent changes in natural frequency and peak 

acceleration recorded at the crest of the earthen embankment were used as surrogate 

measures of variation in seismic response of the earthen structure when subjected 

to earthquake loading conditions. The effect of such variations was manifested in 

the variation of the minimum FOS of the left (L) and right (R) slip surfaces shown 

in Figure 7-1. Figure 7-3a illustrates the change in natural frequency of the structure 

for the first type of variation in Gmax values. It is evident from Figure 7-3a that the 

maximum deviation in natural frequency occurred when the Gmax value of L11 (the 

bottom most layer) was altered from 60% to 140% of that obtained from in-situ 

tests. However, it was observed that the change in natural frequency for the first 

type of variation was less significant when compared to that observed for the second 

type of variation (Figure 7-3b). The deviation in natural frequency was most 

prominent for L3-G, where the natural frequency was found to increase from 2.9 

Hz to 3.67 Hz. It should be noted that the natural frequency of the structure (Figure 

7-3b) was close to the predominant frequency of the Caldwell EQ (Figure 7-2c) 
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when Gmax values of L11 ranged from 100% to 140% of that obtained from in-situ 

tests. A near resonance condition would occur in such a scenario, resulting in a 

higher peak acceleration as compared to that obtained for Gmax value of L11 varying 

from 60% to 90% of that estimated from in-situ tests (Figure 7-3a). Thus, the peak 

acceleration at crest remained almost constant for Gmax values of 100% to 140% 

(L11, Figure 7-4a). A similar trend was also observed for variation in natural 

frequency with change in Gmax values for L1-G. In the case of L2-G and L3-G, the 

natural frequency of the structure was found to increase with an increase in the 

corresponding Gmax values (Figure 7-3b), resulting in an increase in the peak 

acceleration for Caldwell Earthquake (Figure 7-4a). 

  

Figure 7-3: Variation of natural frequency for G
max variation in (a) Individual 

layers (b) Grouped layers 

 

The amplification and peak acceleration at the crest of the structure was low 

for Pawnee EQ. (Figure 7-4b) for both the types of variation in Gmax values, as 
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compared to those for Caldwell EQ (Figure 7-4a). The reason for such observation 

can be attributed to the noticeable difference in the natural frequency of the 

structure (Figure 7-3b) from the predominant frequency of the Pawnee EQ (Figure 

7-2d). There was no appreciable effect of the variation in Gmax values on peak crest 

acceleration for L11, L2-G and L3-G when the embankment structure was 

subjected to Pawnee EQ (Figure 7-4b). However, a higher peak acceleration at the 

crest of the structure was observed for L1-G when the Gmax values were varied from 

60% to 80% of those obtained from in-situ tests.  

 
Figure 7-4: Variation of peak acceleration at crest for (a) Caldwell and (b) 

Pawnee earthquake 

The observed variation in natural frequency and peak crest acceleration with 

Gmax values can be explained by studying the factors affecting the natural frequency 

of the structure and analyzing the propagation of the seismic disturbance. For a 

given earthen structure (i.e. fixed geometry), the natural frequency primarily 

depends on the distribution of mass and stiffness. A higher mass at the base of the 
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structure is responsible for the higher variation in natural frequency in case of L3-

G. This behavior can be comprehended by considering the embankment structure 

as a cantilever beam (crest of the structure as the free end) with variable stiffness 

(Gmax values) and higher moment of inertia (I) toward the base (higher width at the 

base of trapezium cross-section of structure). The seismic excitation at the base 

(foundation) of the structure propagates to the crest via shear waves. The shear 

deformation at the top of each layer, in turn, depends on the shear modulus and the 

thickness of that particular layer. Hence the change in shear modulus of a thinner 

layer does not significantly affect its seismic response. Thereby, the effect of 

erroneous estimation of Gmax values becomes more pronounced for the variation of 

Gmax values of a group of layers. Moreover, the response at the crest of the structure 

depends on the accumulated response of each of the underlying layers. Therefore, 

the effect of change in Gmax values of the deeper layers is more prominent, when 

compared to the same degree of change in a near-surface layers. 

 Figure 7-5 shows the variation of the minimum FOS for the two pre-defined 

slip surfaces (Figure 7-1), under different earthquake conditions due to a change in 

Gmax values of L11. The FOS under static condition, for left and right slip surfaces, 

was 1.79 and 1.96, respectively. The decrease in FOS (from static FOS) due to 

earthquake loading is higher when there is an increase in the induced horizontal 

forces acting on the slip surfaces. Hence, the minimum FOS for Caldwell EQ (L 

and R) were found to be less than that for Pawnee EQ (Figure 7-5). Moreover, the 
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effect of variation of Gmax values on the minimum FOS was observed to be more 

prominent for Caldwell EQ than Pawnee EQ. This could be attributed to the near 

resonance condition for Caldwell EQ, in which the natural frequency of the 

structure (Figure 7-3b, L11) was close to the predominant frequency of the 

earthquake (Figure 7-2c), resulting in an amplification of the vibration (Figure 7-

4a).  

 
Figure 7-5: Variation of minimum FOS for Caldwell and Pawnee earthquake due 

to variation of G
max

 value in L11 of the embankment structure 

The change in minimum FOS for both the slip surfaces was found to be 

more pronounced for the second type of variation, in which the Gmax values were 

varied in a group (Figure 7-6). A significant variation in minimum FOS for the left 

slip surface can be observed for L1-G when subjected to Caldwell EQ (Figure 7-
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6a). A factor of safety less than one was observed for Gmax values ranging from 

120% to 140% of that obtained from in-situ tests. Although this might not cause 

complete failure of the slope, there would be some associated permanent 

deformation for the time duration when FOS was less than 1.  

For the right slip surface, the minimum FOS for all the second type of 

variations was found to decrease with an increase in Gmax values (Figure 7-6b), 

probably due to the increase in the horizontal acceleration (as shown in Figure 7-

4a). Unlike the variation in natural frequency and peak acceleration at the crest of 

the structure, the variation of Gmax values in near surface layers (L1-G) resulted in 

a significant variation in FOS. This can be attributed to the fact that a large portion 

of the slip surface lies in the first four layers; therefore variation in Gmax values (of 

L1-G) would alter the acceleration induced in the slip surface by the seismic 

loading. However, the variation in minimum FOS was not prominent for Pawnee 

EQ, when compared to that observed for Caldwell EQ (Figure 7-6c and d). A small 

value of PGA (0.05g), coupled with low seismically induced forces on the slip 

surface may be the result of such minor variation in FOS when subjected to Pawnee 

EQ. 
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Figure 7-6: Variation of minimum FOS due to Caldwell earthquake (a) Left slip 

surface (b) Right slip surface; and Pawnee earthquake (c) Left slip surface (d) 

Right slip surface 

The impact of inaccurate estimation of Gmax values on seismic slope stability 

analysis was significant for the near resonance conditions (in the case of Caldwell 

EQ), despite having a low PGA of 0.05g. The effect was not prominent for Pawnee 

EQ since the acceleration induced in the structure by the seismic loading was small 

in magnitude. However, the effect is expected to be pronounced if an earthquake 

excitation of higher PGA is used for the analysis. Although the peak acceleration 



302 

 

was used as a measure of the seismic response of the structure, the FOS of a 

particular slip surface is not entirely dependent on the peak crest acceleration; rather 

it depends on the distribution of the forces induced by the earthquake on the slip 

surface under consideration.  

Two different types of distribution of earthquake induced forces on a given 

slip surface may have the same peak crest acceleration, but will evidently have 

different FOS values. The displacement (mode) shapes can provide some 

understanding of the influence of inaccurate estimation of Gmax values on the 

seismic response. Hence a detailed and case-specific study is required to understand 

the seismic response of the structure for the different combination of Gmax values. 

A sensitivity analysis, as demonstrated in this study, should be performed for 

seismic slope stability assessment of critical structures, to incorporate the effect of 

probable incorrect estimation of Gmax values. A similar study including the effect of 

reservoir water on the upstream side of the embankment structure is required to 

understand the changes in the sensitivity analysis results due to the presence of 

water. 

 

7.4 Summary 

 

This study shows that the variation in Gmax values has a significant effect on the 

natural frequency of the structure, the peak crest acceleration and the factor of 

safety of the slopes when subjected to earthquake loading, especially for variation 
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in Gmax values of lower layers of the structure.  The effect of variation in Gmax values 

was more pronounced when the variation occurred for a group of layers rather than 

that of a single layer. Moreover, previous studies have shown that the uncertainty 

in estimated Gmax values increases with depth. This implies that an error in 

determining Gmax values of a group of layers, especially for deeper layers of the 

structure, may have a significant effect on seismic response and slope stability 

analysis results. A sensitivity analysis, as demonstrated in this study, can provide 

useful information about the consequences of possible error in estimating the Gmax 

values by a particular method, such as different in-situ tests, laboratory tests or 

using correlation equations. 

Similar observations were made for a sensitivity analysis performed by varying the 

modulus values of along the shell of the dam, assuming that the shear wave velocity 

profile obtained from an in-situ test accurately estimated the material properties 

along the core of the dam. Such study would enable an engineer to gauge the impact 

of performing a seismic response and stability analysis using assumed modulus 

values for the shell of the dam, in absence of tests conducted along the slopes of 

the dam (Chakraborty et al. 2017b). The need for such an analysis along with the 

methodology and salient findings are provided in Appendix C. 
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8. Chapter 8: Conclusions and Scope for Future Studies 

8.1 Summary 

 

Earthen dams and levees are crucially important structures, whose stability and 

serviceability is of paramount importance to engineers. These structures are usually 

stable under normal working conditions but may become unstable in the event of 

earthquakes. Dams located in earthquake-prone areas are specifically designed to 

withstand the earthquake-induced forces. However, such design considerations 

were not considered in the 1930s, while designing and constructing the Eagle 

Mountain Dam, a hydraulic-fill dam in north Texas. Texas was not considered a 

seismically active zone, even a couple of decades ago. However, due to the increase 

in the number of earthquakes in Texas and surrounding states, the USGS has 

declared Texas to be a seismic hazard zone, with a 1% chance of experiencing an 

earthquake having PGA of 0.3g and above, in one year. This necessitates evaluating 

the performance of the EM dam under probable seismic events and determining the 

critical sections of the dam. 

Hydraulic-fill dams around the world have a poor history of withstanding 

earthquake events, primarily due to liquefaction-induced damages in the sand 

layers of the dam and foundation. Owing to the method of construction, a 

significant extent of material variability exists along the body of the EM dam. 

Hence analyzing a typical section with representative material properties assigned 
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to different zones of the dam may not be able to portray the actual condition existing 

in the field. Moreover, unlike seismically active zones, real earthquake time-history 

data of past earthquakes were not available to evaluate the performance of the dam 

under probable future seismic events. Hence the purpose of this research work was 

to develop a comprehensive framework to perform a seismic response and stability 

analysis of hydraulic-fill dams, located in newly-declared induced-seismicity 

zones, incorporating the effect of material variability.  

Extensive in-situ and laboratory test results were interpolated using 

geostatistics-based kriging analysis, to develop 3D models of the dam, depicting 

the variation of different material properties. These models were used to assign the 

material properties of the dam sections for different types of stability analyses. In 

the absence of the real earthquake time-history data, recorded at the dam site, a 

natural frequency based approach was implemented to study the response of the 

dam under different seismic events. Several earthquake time-history data, covering 

a wide range of predominant frequencies and peak accelerations, were selected to 

study the stability of the dam under probable seismic events. In addition to 

identifying the critical sections of the dam, the scenarios under which the stability 

of the dam may be most affected were determined. 
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8.2 Conclusions 

 

Based on the observation made during this research study, the following 

conclusions can be drawn on various aspects involved while performing a seismic 

response and stability analysis: 

 Small strain shear modulus (Gmax) is an important parameter which governs 

the response of an earthen dam during seismic events. The Gmax values can 

be determined by various methods such as laboratory tests on undisturbed 

samples, in-situ field tests and using correlation equations. Non-destructive 

testing techniques such as SASW test is often used to obtain the subsurface 

shear wave velocity profile to estimate the Gmax values. Extensive 

laboratory and field testing performed as a part of this research work 

showed that the current SASW testing technique, using a hand-held 

hammer as an impact source, does not guarantee an acceptable test result 

with coherence greater than 0.95. Hence several trials are necessary to 

obtain satisfactory test results. The quality of the data was observed to 

improve drastically on using a constant impact energy source instead of 

using a hand-held hammer, which does not have any control over the 

impact energy. Stacking data of tests conducted with constant impact 

energy resulted in improved signal-to-noise ratio since waves of identical 

frequency contents were excited for each of the strikes. The coherence was 
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observed to be significantly improved over a wide range of frequencies, 

resulting in similar dispersion curves for a particular receiver spacing and 

created better overlap of the dispersion curves while generating the global 

dispersion curve. The use of a constant impact energy was hence found to 

be efficient and subsequently improve the quality and repeatability of the 

SASW field test. 

 The natural frequency of an earthen dam is an essential parameter for 

seismic response analysis. The current methods for estimating the natural 

frequency cannot predict the degradation of natural frequency at large 

strain levels, experienced by the dam embankment materials, due to 

earthquake excitations. A thoroughly validated, novel method was 

developed as a part of this study which can be used to predict the strain-

dependent natural frequency of an earthen embankment structure. The 

method involved subjecting the embankment structure under consideration 

to a synthesized wave, generated by superimposition of sinusoidal waves 

of a wide range of frequencies. The frequencies close to the natural 

frequency of the structure were excited due to resonance, and a fast Fourier 

transform of the recorded crest acceleration provided a measure of these 

frequencies. The first natural frequency of the dam subjected to a wide 

range of earthquake time-history data followed the same trend as that 

predicted by the developed method, validating the applicability of the 
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proposed method. The first natural frequency was found to remain constant 

at low strain levels, signifying linear elastic behaviour of the geomaterials. 

However, with an increase in the intensity of earthquake excitation, the first 

natural frequency was observed to degrade following a linear trend when 

plotted on a semi-logarithmic curve, with the root mean square (RMS) 

strain at the crest of the dam plotted in the logarithmic scale. The RMS 

strain at the middle of the crest of the dam was found to be a suitable 

surrogate measure of the disturbance level experienced by the dam during 

seismic events. This method was capable of incorporating the effect of non-

linear material behaviour on the natural frequency of the dam at different 

strain levels.  

 The natural frequency of the EM dam was found to decrease from 3.2 Hz 

at station 5 to 1.8 Hz at station 39. The variation in the construction method 

along the dam was the reason behind this observed behaviour. Station 5 

was built by wetting and rolling the soil as compared to the hydraulic-fill 

portion of the dam (stations 14.5 to 39). The wetted and rolled zone of the 

dam had a higher shear wave velocity, as compared to the hydraulic-fill 

zone, probably due to a better control on the compaction of the soil layers, 

which was not possible in case of the hydraulic-fill method. Nonetheless, 

the strain-dependent variation of the first natural frequency was found to 

follow similar trends for all the sections of the dam. The slope of the linear 
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segment of the degradation curve was however found to depend on the 

material properties of the individual sections. 

 The strength parameters obtained from the three-dimensional visualization 

models created using kriging analysis was able to capture the variation in 

different strength properties along the length of the hydraulic-fill dam. 

Assigning the respective material properties in the stability analysis is 

expected to give accurate results when compared to the traditional method 

of assigning representative material properties at different zones of the 

dam. The static stability analysis suggested that the dam is stable under 

normal working conditions. Pseudo-static analysis revealed that the 

hydraulic-fill segment of the dam, especially zone C1 might be critical 

during seismic events. Low values of estimated undrained shear strength in 

the clay core of the dam were found to be the reason for low yield 

coefficient of sections belonging to zone C1. A total stress analysis with 

additional consolidated undrained triaxial test results may provide a better 

understanding on the stability of slopes during earthquake events, since the 

use of undrained shear strength parameters makes the shear strength of soil 

independent of the overburden pressure. 

 A reliability-based pseudo-static analysis, performed to incorporate the 

effect of uncertainty associated with the estimation of shear strength 

parameters, suggested that zone C1 falls in the hazardous zone, for a 
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pseudo-static coefficient of 0.1g (roughly equivalent to an earthquake with 

PGA of 0.3g). Although the term “probability of failure” is used to assess 

the performance of the structure in case of a reliability based analysis, it 

should be noted that “failure” does not signify “catastrophic failure of the 

dam”. “Probability of failure” in this study has been used as a measure of 

chances of the FOS of the slip surface to fall below 1, when the actual shear 

strength parameters existing in field is lower than that estimated and used 

in the analysis. The probability of failure was observed to drastically 

increase with an increase in horizontal seismic coefficient. Moreover, the 

reliability index was found to decrease, following a perfectly linear trend, 

with an increase in horizontal seismic coefficient. The reliability-based 

pseudo-static analysis was found to provide an index of the performance 

the dam under probable seismic events and can thus be used as an efficient 

tool to incorporate the effect of uncertainty associated with estimating the 

strength parameters. 

 Besides pseudo-static analysis, Newmark deformation analysis was 

performed to evaluate the serviceability of the dam during earthquakes. 

Results suggest that the critical slip surfaces of the dam should not incur a 

permanent deformation exceeding 1 ft (0.3 m), for any earthquakes with a 

PGA of 0.3g, provided that there is no significant strength loss associated 
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with liquefaction. The EM dam satisfied the serviceability criteria 

recommended by USACE. 

 The EM Dam is expected to be stable under earthquake excitations with 

PGA of 0.02g, corresponding to the deterministic seismic hazard analysis 

results. However, dynamic stability analysis, with the estimated increase in 

pore water pressure in the sand layers, showed chances of liquefaction of 

upstream sand shell and portions of the foundation sand layers, under some 

hypothetical earthquake scenarios. The effect was pronounced for 

earthquakes with PGA greater than 0.09 g and during seismic events when 

the predominant frequency of the earthquakes was close to the natural 

frequency of the EM dam. Under such near-resonance condition, the 

amplification of vibration was sufficient to cause liquefaction of upstream 

sand layers for earthquakes having PGA of 0.04g. This demonstrated the 

need of a natural frequency based approach for the dynamic analysis of a 

dam located in a newly-declared seismic hazard zone. A wide range of 

earthquakes, having various peak accelerations, and with predominant 

frequencies close to the natural frequency of the structure should be 

selected for the dynamic analysis and used as base excitations. Additional 

undrained cyclic triaxial test result on undisturbed sand samples would 

have enabled accurate estimation of excess pore water pressure and 

facilitated better assessment of the chances of cyclic liquefaction. The flow 
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liquefaction analysis based on the state parameter of the foundation sand 

layers suggested that the foundation sand layers are not expected to 

experience flow failures. 

 All the analyses results were based on the Gmax values estimated using the 

in-situ field tests conducted along the crest of the dam. However, the 

literature suggests chances of significant variability in the modulus values, 

based on the estimation methodology adopted (various in-situ tests, 

laboratory tests, and correlation equations). A sensitivity analysis by 

systematically varying the Gmax values of different layers of the dam 

embankment was found to provide important insights on the impact of 

incorrect estimation of shear modulus, on seismic response and stability 

analysis. Results suggest that the effect of an inaccurate estimate of 

modulus values of the deeper thick layers of the embankment, close to the 

foundation, significantly affected the natural frequency and response of the 

structure. A sensitivity analysis is thus suggested to be performed for a 

critical project to have an understanding of the implications of incorrect 

estimation of the subsurface material properties. 
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8.3 Scope for future studies 

 

The following are some of the areas which may be explored to advance the 

research work performed during this study: 

 The ‘sum of sines’ method needs to be extended to three-dimensional 

models of a dam to better understand the variation of strain-dependent 

natural frequency of earthen structures. The study performed on two-

dimensional plane strain models of the dam implicitly assumes the entire 

dam to be made up of the same material properties, as that present in the 2D 

model under consideration. However, such an assumption will seldom be 

correct and hence the behavior of a particular segment of the dam will 

depend on the stiffness and material properties of the adjacent sections. 

Such behavior may be thoroughly captured in a 3D analysis. 

 In this study, the ‘sum of sines’ method was implemented using equivalent 

linear method of analysis, to capture the non-linear behavior of the 

geomaterial. Although the equivalent linear method gives acceptable 

results, it is in reality, a decoupled method of analysis. Hence the changes 

in material properties and effect of increase in pore water pressure, during 

the seismic shaking, cannot be accounted for in the equivalent method. 

Hence, the ‘sum of sines’ method needs to be extended using the fully 

coupled non-linear method of analysis to predict the strain-dependent 

variation in natural frequency.  
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 The reliability analysis was coupled with the pseudo-static analysis to 

determine the variation of probability of failure and reliability index with 

the pseudo-static coefficient. Since Monte Carlo simulations were used to 

perform the reliability analysis, it was computationally intensive and hence 

impossible to perform the same analysis for the dynamic stability analysis. 

Such an analysis would require to perform 35,000 simulations for each time 

step of the earthquake loading, for the entire duration of earthquake. Hence 

some simple method is required to study the variation in reliability index 

during earthquake shaking. Such an analysis would provide a better 

understanding of the performance of dam during earthquake events. 

 The serviceability condition of the dam was checked using the Newmark 

deformation analysis. However, such an analysis is valid where there is no 

chance of liquefaction and excessive stress loss associated with earthquake 

shaking. Hence a deformation analysis is required to incorporate the effect 

of increase in pore water pressure and estimate the deformation incurred 

during different earthquake events. Extensive laboratory tests on 

undisturbed samples collected from the sand layers of the dam will be 

required to calibrate suitable constitutive models and perform the analysis.  
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ABSTRACT
This paper presents a rational approach to answer the questions of how many field tests need to be 
performed at a test site to determine its subgrade strength properties, and what inferences can be drawn 
from limited number of field tests. MATLAB simulations were performed to generate various data sets that 
corresponded to site variability, with the coefficient of variation (CoV) ranging from 10 to 80%. Studies 
were performed based on coefficient of variation (CoV) and regression analysis. This study provides two 
important charts for evaluating subgrade properties at test sites: (1) to determine the number of field 
tests to be performed, after which there would not be any significant change in the inferences drawn from 
the test results; (2) inferences pertaining to subgrade soil property of a field test site, based on a limited 
number of tests. In order to demonstrate the applicability of the charts developed through this research, 
light weight deflectometer (LWD) spot tests that were performed at a test site, were considered. The results 
were used to draw inferences about the modulus of the subgrade material and the possible variability of 
the test site, in addition to the maximum number of tests that might be performed.

1.  Introduction

Field testing plays a dominant role in determining the in situ 
properties of pavement layers. Over the years, several develop-
ments and innovations to accurately represent the in situ con-
dition of the material properties have taken place in the field 
of material testing (Heisey et al. 1982, Nazarian et al. 1993, 
Siekmeier et al. 2000, Puppala 2013). In transportation geo-
technics, the design and analysis parameters are obtained either 
from laboratory tests on soil samples or from in situ field tests. 
The results obtained from these tests varies significantly due to 
the heterogeneity of the subgrade soils (Vanmarcke 1977, Phoon 
and Kulhawy 1999, Baecher and Christian 2005). In the last dec-
ade, researchers have extensively used reliability-based design 
methodology to incorporate the spatial variability of the material 
properties in design and analysis (Christian and Baecher 2011, 
Phoon and Ching 2012, Juang et al. 2013, 2014, Bheemasetti 
2015, Puppala et al. 2016). Despite an increase in these studies 
that accounts for different measurement errors and uncertainties 
associated with testing and materials, very little effort has been 
made to develop generalised guidelines to aid practitioners and 
researchers with the field testing (Lumb 1971, Orchant et al. 1988, 
Spry et al. 1988, Filippas et al. 1988, Phoon et al. 1995, Phoon 
and Kulhawy 1996, Jaska et al. 1997, Zou et al. 2016). Current 
standards and specifications for testing and the sampling rate in 
the field vary among different state agencies. Table 1 presents a 
compilation of standards and specifications developed for five 

different state agencies. It should be noted that the specifications 
for each state agency provided in Table 1 are only a represent-
ative portion of the entire specification. Based on the specific 
application and material, the sampling and testing frequencies 
are different for all of the state agency specifications.

Despite these specifications, whether a test is accepted or 
rejected can vary greatly due to the heterogeneity of the sub-
soil conditions and the criteria established by the owner/con-
tractor of the project. While sampling and collecting data for 
such inhomogeneous conditions, it is important to consider the 
coefficient of variation (CoV) besides the mean value obtained 
from the series of tests performed. The coefficient of variation, 
which is a measure of variability, is mathematically defined as 
the ratio of the sample standard deviation to the sample mean. 
Several researchers have studied the coefficient of variation of 
various subgrade soil properties obtained from field and labora-
tory measurements (Haldar and Tang 1979, Asaoka 1982, Reyna 
and Chameau 1991, Kulhawy et al. 1991). A higher scatter among 
the collected data would result in a higher coefficient of variation 
and hence would signify higher variability. Such a test site may 
require more tests than a less heterogeneous site.

While conducting in situ tests to determine a given engi-
neering property, it is important to determine the number of 
tests required to satisfy the design criteria. Performing more 
tests is generally thought to provide a more representative 
result, but increasing the number of tests also often increases 
the project time and associated costs. Hence, engineers have to 
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Spot tests 	�  Pavement tests for determining modulus, 
density and/or moisture content

N  		�  Number of samples; represents number of 
spot tests

ncond  		�  Number of tests conducted; represents num-
ber of spot tests conducted

nreq  		�  Number of required tests; represents number 
of spot tests required

s  		�  Number of test sections; number of pave-
ment sections considered

CoV  		�  Coefficient of Variation; a measure of varia-
bility involved in the results of spot tests

Sample data-set  Spot test values at a section
Population  	 All spot test values possible at a field test site

Using the above notations, the solution to the objective of this 
section can be expressed mathematically as:

The ‘Result’ in equation 1 refers to the difference between the 
maximum and minimum values of sample CoV for a respec-
tive number of tests. When the result of ‘n’ samples tested and 
‘n + 1’ samples tested are equal, it represents a limiting value 
for the number of field tests required beyond which there is no 
significant change in the inference drawn from the test results. 
In order to understand the influence of the additional number of 
tests on CoV values, an analysis was performed for the generated 
database for 0.1 and 0.4 population CoV, as depicted in Figure 2. 
Sample datasets were created from the population database by 
varying ‘n’ from 2 to 25 for all of the tests sections. For instance, 
a sample data-set with ‘n’ equal to 2 represents 2 test values. CoV 
values for all of the sample datasets were calculated for all 20 test 
sections, and were plotted against the number of tests.

From Figure 2 plots, it can be observed that the calculated 
sample CoV followed a funnel-shaped zone as the number of 
tests increased. The CoV band was found to be thick with fewer 
samples, signifying higher deviation from the population CoV. 
For example, if two tests are performed at a test site having a 
certain mean value of a given property, either of the following 
two extreme possible outcomes may occur: (a) The results may be 
very close, depicting a low sample standard deviation and hence, 

(1)[Result of(n + 1)thtest − Result of(n)th] ≈ 0

optimise between cost and an accepted variability (coefficient 
of variation) of the collected data. A site having high variability 
demands more tests to capture the entire spectrum of possibil-
ities, whereas a site with uniform properties can be assessed 
with fewer tests. In this research study, an attempt was made 
to mathematically determine the maximum number of tests to 
be performed, beyond which further testing would not convey 
any extra information. In addition, charts were developed to 
assist in evaluating the material property of a test site based on 
sample test results. The following sections present the details 
and analysis.

2.  Database

This section presents the database used in this analysis for math-
ematically determining the number of tests required to gather 
information about specific characteristics of a site, accepting a 
given degree of variability. The random number generator func-
tion was used to generate the datasets required for performing 
the analysis. The coefficient of variation was varied from 0.1 
(10%) to 0.8 (80%), with an increment of 0.1 (10%) to account 
for different degrees of variabilities in material properties and site 
conditions. 500 data points were generated for each coefficient 
of variation value, representing 20 test sections at a given site, 
with 25 test samples for each section. Figure 1 represents the data 
points generated for performing the analysis. The data generated 
was further used for performing the analysis, as presented in the 
following sections.

3.  Analysis and results

3.1.  Maximum number of samples to be tested

This section presents the analysis performed to determine the 
maximum number of samples to be tested, beyond which no 
significant change in the test results can be observed. In other 
words, performing additional tests will not significantly change 
the inferences drawn about the site properties. Several parame-
ters, as well as the database presented in the earlier section, were 
utilized to perform the analysis. The terminology of the statistical 
parameters and the corresponding analogy to pavement studies 
are provided below.

Table 1. Specifications for field testing and sampling rate.

Agency Specifications Reference manual
Texas DOT (TxDOT) Untreated base courses: 1 minimum test result per 2294 cubic metres per lift for in-place 

density
TxDOT: guide schedule of sampling & 
testing 

Treated subgrade and base courses: 1 minimum test result per 2294 cubic metres per lift for 
in-place density

North Dakota DOT 
(NDDOT)

1 test result per 4180 square metres rural or 1255 square metres urban of concrete pavement 
for fine and coarse aggregates

Section 500: rigid pavement

1 test result per 4180 square metres rural or 1255 square metres urban of concrete pavement 
for materials finer than No. 200 sieve

Arizona DOT (ADOT) Proctor Density and Optimum Moisture: one per soil type, and as needed Section 203: materials quality assurance 
programme Compaction and Gradation: one per 457 metres or change in material

Colorado DOT (CDOT) 1 test per 1530 cubic metres or fraction thereof of testable material as described in CDOT 
standard specifications

Section 203: materials quality assurance 
programme

Density: 1 per 382 cubic metres when within 30.5 m of bridge approach
Virginia DOT (VDOT) 1 test per 6.5 roadway kilometres, or fraction thereof, consisting of the average of 5 readings. 

Minimum of 5 readings per project, unless total quantity of individual material is less than 
5,00,000 kg per project

Section 206: methods and frequencies of 
sampling
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Figure 1. Graphical representation of database.

Figure 2. CoV calculated for ‘n’ tests for a population CoV of 0.1 and 0.4.
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was obtained for each of the 8 population CoVs (0.1 to 0.8). The 
‘nmax’ value was plotted against the population CoV, as shown in 
Figure 4. It can be inferred from Figure 4 that with an increase 
in the CoV values, the ‘nmax’ values also increased, signifying 
the need for conducting more tests for a heterogeneous site with 
high variability. The dashed lines represent a 95% confidence 
interval for the data-set used. It should be noted that the plot 
provided in Figure 4 does not represent an absolute number of 
tests to be performed for a specific CoV. The flowchart provided 
in Figure 5 provides the stepwise procedure for using the plot 
developed in Figure 4.

3.2.  Inferences about material property at a test site 
based on limited testing

This section presents the analysis performed to interpret the 
test site conditions based on the sample CoV determined from 
limited number of test results. The analysis described in the 
previous section provided an approach to determine the num-
ber of field tests beyond which no significant change occurs 
in the test results. However, in a few projects, where there are 
constraints associated with time and project costs, performing 
the maximum number of field tests may not be possible. In 
such instances, it is important to deduce information about 
the test site based on constrained field investigations. The 
errors associated with interpreting the CoV of a test site can 
be explained mathematically by formulating a hypothesis, as 
shown below.

Null Hypothesis (H0): Sample CoV represents actual CoV of the 
test site
Alternative Hypothesis (H1): Sample CoV defers from actual CoV 
of the test site

The null hypothesis shown above states that the CoV value 
determined, based on sample tests, represents the CoV at a test 
site, whereas the alternative hypothesis states that the sample 
CoV is not representative of the actual test site. The alternative 
hypothesis requires a larger number of tests and aids in inter-
preting the actual CoV of a test site; however, when there are 

low sample CoV value, or (b) The test results may be significantly 
different, depicting a high sample CoV value. These two cases 
would signify the extreme limits of the funnel-shaped zones for 
‘n’ = 2, as shown in Figure 2. Similar observations were identi-
fied when more tests were performed. With an increase in the 
number of samples being tested, there is a decrease in variation 
in the calculated sample CoV. Figure 2 also shows that there was 
a band of constant thickness (spread in calculated CoV) beyond 
a certain ‘n’ number of samples tested from the 20 sections. This 
highlights the fact that beyond a certain number of tests, the 
sample CoV approached a constant value. Hence the maximum 
number of tests conducted should correspond to that particu-
lar ‘nmax’ value, beyond which the variation in calculated CoV 
becomes constant.

In order to determine the maximum number of tests (nmax), 
the framework presented in equation 1 was used. Sample data-
sets were created for all of the test sections by varying ‘n’ from 
2 to 25. For instance, a data-set for ‘n’ equal to 2 is comprised 
of 20 CoV values corresponding to 20 test sections. The differ-
ence between maximum and minimum CoV was determined 
for ‘n’ tests (with ‘n’ varying from 2 to 25). Then, the difference 
between the difference of maximum and minimum CoV for ‘n’ 
and ‘n + 1’ tests was determined. A difference close to 0, implies 
that despite increasing the number of tests, there is no significant 
reduction in the spread of the sample CoV. For each population 
CoV (varying from 0.1 to 0.8), such plots were generated for 
40 repetitions. The number ‘n’ was determined from those 40 
plots, beyond which the difference remained almost 0. An aver-
aged ‘n’ value was calculated from the 40 repetitions for a given 
population CoV, representing the ‘nmax’ (maximum number of 
tests to be conducted) for the population CoV. Figure 3 shows 
the representative charts for determining maximum ‘n’ value for 
CoV of 0.1 and 0.4 for 1 of the 40 repetitions.

From Figure 3, it can be inferred that the difference between 
the difference of maximum and minimum CoV for ‘n’ and ‘n + 1’ 
tests approached close to ‘zero’ after a certain number of tests. 
The corresponding ‘n’ value from the plot was determined, and 
an averaged ‘n’ value (for 40 repetitions), representing the ‘nmax’, 

Figure 3. Spread of sample CoV with number of tests.
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by considering only two tests per section. Later, the new CoV 
was calculated by including each new sample tested, up to a 
maximum of 25 samples. It was observed that the variations 
in the calculated sample CoV for ‘n’ tests per section was 
higher with a smaller number of samples, whereas the var-
iations decreased when more samples were tested. In order 
for the analysis not be biased, the maximum and minimum 
calculated CoV obtained for each ‘n’ was averaged for 40 rep-
etitions. This process was performed for all of the population 
CoVs varying from 0.1 to 0.8. Figure 6 presents the sample 
CoV variation obtained by averaging the obtained maximum 
and minimum CoV for 40 repetitions for a population CoV 
of 0.1 and 0.4.

From Figure 6, it can be inferred that both the maximum and 
minimum CoV tend to approach a constant bandwidth after a 
certain number of samples. While performing the analysis, it 
was observed that the calculated sample CoV’s were less than or 
greater than the population CoVs, despite coming from a popu-
lation of a given CoV. However, the calculated sample CoV was 
found to lie within a certain range, depending on the number of 
samples being tested. The range was found to be broad when the 
population CoV was large, which represents a site with high vari-
ability, whereas the range was small with more uniform subgrade 
soil properties for a low population CoV. The variation in the 
maximum calculated CoV was observed to approach a constant 
value with an increase in the number of samples tested for all 
the CoV’s. Figure 7 presents a chart from which inferences about 
sample CoVs can be drawn with respect to population CoV and 
the number of samples tested.

It should be noted that if the sample CoV is smaller than 
the population CoV, accepting such hypothesis does not affect 
the overall the pavement performance. However, if the sample 
CoV is larger than the population CoV, the wrong conclusions 
drawn from such test results would result in a Type II error, 
which affects the pavement performance. Hence, the plots pro-
vided in Figure 7 represent only the variation of maximum CoV 
(averaged for 40 repetitions) against ‘n’. Figure 8 presents the 
flowchart that can be used to understand how to determine 

constraints on the budget and project time, decisions are made 
based on available results. Four types of decisions are presented 
in Table 2.

From Table 2, it can be inferred that the decisions made will 
be accurate if the sample CoV reflects the field test site or if the 
null hypothesis is rejected when the sample CoV defers from 
the actual field CoV. In other cases, the conclusions drawn could 
lead to two types of errors, such as Type I and Type II. A Type 
I error is an inaccurate conclusion made by rejecting the null 
hypothesis even if it was true. A Type II error is an inaccurate 
conclusion made by failing to reject the null hypothesis when it 
is false. Hence, it is essential to develop an approach which can 
estimate the population CoV of a test site. This section presents 
an attempt to develop an inferential chart for assessing the pop-
ulation CoV values with respect to sample CoV.

The database presented in the earlier sections was used for 
the analysis. The sample CoV was calculated for each section 

Figure 4. Variation in maximum number of tests required for a given population 
CoV.

Figure 5. Flowchart showing the process of using Figure 4.
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be greater than or equal to 0.2 (20%) based on 12 test samples, 
whereas the population CoV for the site based on the spot test 
results from NDG and PSPA are greater than or equal to 0.1 
(10%). It should be noted that the inferences drawn from the test 
results depict the test site variability based on 12 field tests. The 
inference drawn about the population CoV, for a given parameter 
of interest (e.g. subgrade modulus calculated from LWD tests) is 
thus dependent on the information obtained for a certain num-
ber of tests conducted. Figure 5 was applied to determine the 
maximum number of field tests to be performed at the site. The 
LWD modulus values, obtained on the subgrade as presented 
below, were used for performing the analysis.

LWD Modulus (in MPa): {28.26, 41.37, 44.13, 47.57, 53.78, 
55.16, 57.92, 68.26, 82.74, 89.63, 47.57, 75.84}

From the test results, it can be inferred that the LWD modulus 
varied from 28.26 to 89.63 MPa. According to Figure 5, the first 
step is to conduct 3 tests (i.e. n = 3). Suppose three random tests 
provided subgrade modulus result corresponding to test num-
bers 1, 2 and 12. The sample CoV for this three test results (28.26, 
41.37 and 75.84 MPa) is 0.5. The variability in the test result is 
obvious from the high deviation in the modulus value obtained 
from three spot tests. Based on Figure 4, it can be inferred that 
ten tests are required for sample CoV of 0.50 CoV value. Since, 
nrequired (=10) > nconducted (=3), seven additional tests are needed 
to meet the requirement of ten tests. Suppose, 7 addition tests 
are conducted (Tests 3 through 9) and the following subgrade 
modulus is obtained : 44.13, 47.57, 53.78, 55.16. 57.92, 68.26 and 
82.74 MPa. The new CoV value for the ten test results (includ-
ing the 3 initial tests) is 0.30. The corresponding nrequired value 
for the sample CoV of 0.3 is 6 (Figure 4). Since, the nconducted 
(=10) > nrequired (=6), the total ‘n’ values can be recorded as the 
nmax values, which is equal to 10. It should be noted that the 

the population CoV based on sample CoV from the chart in 
Figure 7.

4.  Application of developed framework

This section presents the details and analysis of applying the 
developed flow charts at a test site located along SH 267 near 
Dublin, Texas. Several spot tests were performed at this site in 
order to develop correlations between the compaction metre val-
ues and the spot test results (Siddagangaiah et al. 2014). Since this 
paper focuses on spot tests results, the compaction metre values, 
which are continuous in nature, were not considered. The spot test 
results consist of modulus values from Light Weight Deflectomer 
(LWD), moisture content values from Nuclear Gauge Density 
(NDG), and results from Portable Seismic Property Analyzer 
(PSPA). Table 3 presents a summary of the spot test results and 
sample CoV values for the test site near Dublin, Texas.

From the test results presented in Table 3, it can be observed 
that 12 tests were performed for each type of spot test. The coef-
ficient of variation in the test results varied from 0.13 (13%) to 
0.4 (40%). Figure 7 was used to determine the variability in the 
subgrade material for the complete test site. Figure 9 presents 
the analysis performed on the spot test results. The sample CoV 
calculated for the LWD (CoV = 0.4), NDG (CoV = 0.13) and 
PSPA (CoV = 0.2) tests were plotted on Figure 7 (marked by star 
mark) with respect to 12 number of tests (shown in Figure 9). It 
can be observed that the LWD test result lies above the maximum 
possible CoV line for population CoV of 0.2 and that for NDG 
and PSPA tests fall above the maximum possible CoV line for 
population CoV of 0.1.

Hence, from Figure 9, it can be inferred that the CoV for 
LWD test results for the entire field (i.e. population CoV) will 

Figure 6. Variation of sample CoV with number of tests.

Table 3. Spot test results at SH 267 test site.

Spot tests Number of tests Sample CoV (%)
LWD 12 40
PSPA 12 20
NDG 12 13

Table 2. Types of decisions in hypothesis testing (Montgomery et al. 2009).

Decision H0 is true H0 is false
Fail to reject H0 No error Type II error
Reject H0 Type I error No error
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or volume of the site. The charts developed through this study 
tries to provide a rational approach to select the number of field 
tests required to determine subgrade properties. Figures 4 and 
5 can be used to determine the maximum number of tests that 
may be performed, beyond which there might not be significant 
improvement in the inferences drawn about the site variability. 
These are the maximum number of tests which may be per-
formed when time and cost are not constraints. However, in most 
projects, limited number of tests (lesser than nmax) are generally 
performed. Figures 7–9 may be used in such circumstances to 
infer about the site variability based on limited number of testing.

5.  Summary and conclusions

The main objective of this research study was to develop an 
approach to determine the maximum number of field tests that 
could be performed, beyond which there would be no signifi-
cant change in the test results, and to discover what information 
about a test site could be inferred, based on the limited number 
of test results. The analysis was performed on a database that was 
generated for CoV values varying from 0.1 to 0.8. Through this 
analysis, some important findings were obtained which can be 
beneficial to both researchers and practitioners.

It was observed that the calculated sample CoV followed a 
funnel-shaped zone and reached a constant bandwidth with an 
increase in the number of samples tested. The middle of the con-
stant thickness region represented the population CoV, and the 
CoV band was thicker when fewer samples were tested, signify-
ing higher deviation from the population CoV. This conclusion 
implies that with a smaller number of field tests conducted on a 
pavement layer, the standard deviation will be high; and with an 
increase in number of tests, the variation will be reduced to the 
inherent variability present in the material properties.

A plot was developed in this study to determine the maxi-
mum number of field tests (nmax), based on calculated sample 
CoV values. This chart will act as guideline when the specifica-
tions for the acceptability criteria of a material property have 
been established before the start of the project. In order to use 
this chart, the testing will start with at least three tests at ran-
dom locations. Based on the CoV obtained from the tests, the 

maximum number of test results is dependent on the available 
test data. The available test data is the only source of information 
about the site condition and the inference about the site is drawn 
based on the available information from the limited number of 
test results. If the test results are widely different (i.e. high sam-
ple CoV), more number of tests will be required to infer about 
the site conditions and vice versa. For instance, the maximum 
number of tests would be only five if the LWD results from Tests 
1, 2 and 3 are considered. For the SH 267 test site, 12 tests were 
conducted. Therefore, it can be concluded that the test results 
obtained from the 12 tests represented the entire field test site 
and it is expected that conducting more number of tests will 
not provide further information about the variability of the site 
(since 12 > nmax = 10).

The specifications for field testing and sampling rate recom-
mended by different department of transportations (Table 1) 
does not incorporate the effect of soil variability, which inher-
ently exists in the field. The recommendations does not differ-
entiate between a homogeneous and a heterogeneous site, since 
the number of tests to be conducted depends on unit length, area 

Figure 7. Inferential chart on population CoV based on sample CoV.

Figure 8. Flowchart showing the process for making inferences about population CoV.

D
ow

nl
oa

de
d 

by
 [

Sa
ya

nt
an

 C
ha

kr
ab

or
ty

] 
at

 1
3:

57
 0

1 
N

ov
em

be
r 

20
17

 



8   ﻿ S. CHAKRABORTY ET AL.

Heisey, J.S., Stokoe, I.I., and Meyer, A.H., 1982. Moduli of pavement 
systems from spectral analysis of surface waves. Transportation research 
record, 852.

Jaksa, M.B., Brooker, P.I., and Kaggwa, W.S., 1997. Inaccuracies associated 
with estimating random measurement errors. Journal of Geotechnical 
and Geoenvironmental Engineering, 123 (5), 393–401. doi:10.1061/
(asce)1090-0241(1997)123:5(393).

Juang, C.H., et al, 2013. Robust geotechnical design of drilled shafts in sand: 
new design perspective. Journal of Geotechnical and Geoenvironmental 
Engineering, 139 (12), 2007–2019. doi:10.1061/(asce)gt.1943-
5606.0000956.

Juang, C.H., et al., 2014. Robust geotechnical design of braced excavations 
in clays. Structural Safety, 49, 37–44. doi:10.1016/j.strusafe.2013.05.003.

Kulhawy, F.H., Roth, M.J.S., and Grigoriu, M.D., 1991, June. Some statistical 
evaluations of geotechnical properties. In Proceedings on ICASP6, 6th 
International Conference on Applied Statistics and Probability for Civil 
Engineering. Mexico, 705–712.

Lumb, P., 1971. Precision and accuracy of soil tests. In Proceedings, 1st 
international conference on applications of statistics and probability in 
soil and structural engineering, Hong Kong, 329–345.

Montgomery, D.C., Runger, G.C., and Hubele, N.F., 2009. Engineering 
statistics. John Wiley & Sons, Hoboken, New Jersey.

Nazarian, S., Baker, M.R., and Crain, K., 1993. Development and testing of 
a seismic pavement analyzer (No. SHRP-H-375).
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foundation design for transmission line structures: Volume 2, Critical 
evaluation of in situ test methods: final report (No. EPRI-EL-5507-Vol. 
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NY. Geotechnial Engineering Group.

Phoon, K.K. and Ching, J., 2012. Beyond coefficient of variation for 
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of Geotechnical and Geophysical Site Characterization, 4, 113–130.

Phoon, K.K. and Kulhawy, F.H., 1996. On quantifying inherent soil 
variability. Uncertainty in the geologic environment (GSP58). New 
York, NY: ASCE, 326–340.
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chart will guide how many more tests should be performed in 
order to conclude the material property with the established 
specifications. A flow chart was also provided, along with the 
‘nmax’ and CoV plot.

A series of plots was developed for the population CoV, sample 
CoV, and number of tests. These plots will act as a guideline for 
gaining information about a test site. Often, field investigations are 
limited to a few spot tests, and a conservative average value or a 
minimum value is reported. However, the average value or mini-
mum value are biased, which can lead to two types of inaccurate 
conclusions. The Type II error can affect the performance of the 
pavement. Hence, the charts developed through this research study 
provide an estimate of the variability of a field test site, based on 
limited testing. The charts provided here are based on an assump-
tion that the field test results have different degrees of variability.
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ABSTRACT: The small strain shear modulus (Gmax) of an earthen dam affects its natural frequency; thereby influencing 
its response to seismic excitation. Generally, Gmax is estimated by in-situ tests such as SCPT or SASW, which provide 
the shear modulus along the core of the dam. However, simplified assumptions are made regarding the variation of Gmax 
along the shell of the dam. This paper illustrates the implication of assuming the dam as horizontally layered structure 
with the shell of each layer being assigned the same Gmax value as that of the core. The Gmax values of the shell of 
two-30 m high dams were systematically varied with respect to the initially assumed Gmax value without varying the 
properties of the core of dam. The effect of underestimation and overestimation of Gmax of the shell was studied for 
different layers of the dam to understand the implication of the erroneous estimations at the surface, middle, and 
deeper layers of the dam. Results suggest that the effect of erroneous estimation of the dam shell properties on seismic 
response was significant. Moreover, the variation in Gmax values of the deeper layers was found to considerably 
affect the response of the structure as compared to that of near surface layers. 
 
Keywords: small strain shear modulus; seismic response; earth dam; dynamic characterization; sensitivity analysis 
 

1. Introduction  
Dams and levees are critical engineered structures which 
play a vital role in flood control, water storage, irrigation, 
electricity generation and recreational purposes, and 
contribute toward the advancement of a nation (FEMA, 
2015). These structures which are otherwise stable under 
normal field conditions may be susceptible to slope 
failures under earthquake loading conditions. The impact 
of a catastrophic failure of these structures directly affects 
the public life and economy of the nation. Thus, seismic 
response analysis and slope stability studies are important 
for new projects, and for safety evaluation of existing dams 
and levees. Although, use of finite element or finite 
difference based software have enabled engineers to 
perform seismic slope stability analysis with ease, 
nevertheless, the validity of the analysis depends on the 
accuracy involved in the estimation of the material 
properties from in-situ tests, which are used as inputs to 
the software. 
 
Small strain shear modulus (Gmax) is an important input 
parameter used in seismic response analysis (Dakoulas and 
Gazetas 1985; Gazetas 1987). The natural frequency of the 
dam, and propagation of the earthquake excitation (via 
shear waves) from the base of the dam to the crest is 
dependent on the shear modulus of the structure (Kramer 
1996). In practice, Gmax is usually obtained by conducting 
in-situ tests such as SCPT, SASW or through laboratory 
tests such as resonant column or bender element tests 
(Stokoe et al. 1991). The difficulty in obtaining 
undisturbed samples required for laboratory tests makes 
SASW and SCPT favorable alternatives for determination 
of Gmax. However, the aforementioned tests are mostly 

conducted on the crest of the dam; hence simplified 
assumptions have to be made regarding the Gmax of the 
shell of the dam. The dam is often idealized to consist of 
horizontal layers, and the material is assigned with the 
Gmax values obtained from in-situ tests conducted on the 
dam crest (Pelecanos 2013). In some cases, the shell of the 
dam is considered to have uniform Gmax properties (Onder 
Cetin et al. 2005; Parish et al. 2009), whereas some 
analyses assume Gmax to increase as a function of effective 
mean stress (Tsiatas and Gazetas 1982).  
 
The purpose of this research was to study the influence of 
inaccurate estimation of Gmax of the shell of an earthen 
dam on its seismic response. Since the response of an earth 
structure subjected to earthquake excitation depends on the 
shear wave velocity (and hence on Gmax), it is expected that 
the error in estimation of Gmax in the shell of the dam will 
affect the response of the structure. A dam with assumed 
geometry and material properties was used to study the 
effect of error in estimating the properties of dam shell on 
the peak acceleration value and frequency content of the 
crest acceleration of the dam subjected to earthquake 
acceleration time-history data. The properties of the dam 
shell were systematically varied with respect to the 
initially assumed material properties without varying the 
properties of core of the dam. The Gmax profile of the dam 
core was assumed to have been accurately estimated from 
in-situ testing. The effect of underestimation and 
overestimation of the Gmax of the shell was studied for 
different layers of the dam to understand the implication 
of the erroneous estimation at the surface, middle and 
deeper layers of the dam. 
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2. Methodology 
This section presents the approach adopted to study the 
effect of erroneous estimation of Gmax properties of the 
dam shell. Two hypothetical earthen dams, one with a side 
slope of 1.5H:1V, and the other having a side slope of 
3H:1V were considered for the study. These geometries 
represent the extreme values of slopes encountered in the 
field (Chopra 1967). Each dam was idealized as a three-
layered structure, and the layers were assigned Gmax values 
which are representative of shear moduli obtained from 
existing literature (Chopra 1967; Clough and Chopra 
1966; Onder Cetin et al. 2005). The small strain shear 
modulus profile of the dam core was assumed to be 
determined accurately from in-situ tests and was hence 
kept constant, while systematically varying the shear 
moduli along the shell of the dam. The geometry of both 
the dams, and the variation of Gmax along the dam core is 
shown in Figs. 1 and 2.  
 

 
Fig. 1 Geometry of dam with side slope 1.5H:1V 

 

 
Fig. 2 Geometry of dam with side slope 3H:1V 

Note: All dimensions in Figs. 1 and 2 are in meters. 
 
The height of both the earthen structures was 30 meters, 
and they were assigned a uniform density, Poisson’s ratio 
and damping ratio of 20 kN/m3, 0.33 and 0.02, 
respectively. Two types of variation in shear moduli were 
implemented in this study – Type I and Type II, which are 
described in the subsequent section, and the corresponding 
Gmax values are shown in Table 1 and 2. Both the 
embankment structures were subjected to seismic 
excitations corresponding to an earthquake time history 
data recorded at Caldwell, Kansas, USA when an M4.7 
earthquake struck Oklahoma on November 19, 2015. The 
earthquake data was scaled to a peak acceleration of 0.05g. 
The acceleration time history data and the frequency 
content of the earthquake is shown in Figs. 3 and 4. A 
plane strain, linear elastic, finite element-based analysis 
was performed to study the response of the structure to 
earthquake excitations. A low PHA was used to induce low 
strain levels during the shaking analysis, where Gmax 
values can be used (linear elastic). Contrarily, a high PHA 
would require non-linear analysis, which uses modulus 
degradation curve to obtain the G values at different strain 
levels. However, the purpose of this study was to 
comprehend the effect of erroneous estimation of Gmax 
values and hence a PHA of 0.05g was used. The peak 
acceleration recorded at the crest of the dam was compared 
for different Gmax profile combinations, and the 
predominant frequency of the crest acceleration was 
obtained by performing a Fast Fourier Transform (FFT).  

 

 
Fig. 3 Acceleration time-history data of earthquake used 

in the study 
 

 
Fig. 4 Frequency content of the earthquake 

2.1 Type I variation 
A sensitivity analysis was performed by maintaining a 
constant Gmax value for each layer of the dam core, while 
the Gmax values for each layer along the shell of the dam 
were simultaneously varied from 70% to 130% of the Gmax 
value of the corresponding dam core layer, in intervals of 
10%.  
 

Table-1 Gmax combinations used for Type-I variation 
 

Layer  % of 
core  L1  L2 L3 

Core Gmax 
(MPa) 100 130 190 230 

Shell Gmax 
(MPa) 

70 91 133 161 
80 104 152 184 
90 117 171 207 

100 130 190 230 
110 143 209 253 
120 156 228 276 
130 169 247 299 

Note. L1=top layer; L2=middle layer; L3=bottom layer. 
 
It may be noted that, the case in which the shell is assigned 
100% core Gmax, corresponds to a horizontally-layered 
structure with the same Gmax assigned to the core and shell 
of the dam for each layer. This analysis would facilitate 
understanding the effect of idealizing the earthen dam to 
consist of horizontal layers, with Gmax values solely 
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varying along different layers. The study was expected to 
capture the effect of discrepancy between the simplistic 
assumption of moduli properties of the dam shell, i.e. a 
homogeneous Gmax profile for the core and shell of a 
particular layer, and a sensitivity analysis-based approach, 
i.e. a weaker shell (70% to 90% of core Gmax) or a stiffer 
shell (110% to 130% of the core Gmax) as compared to the 
dam core. 

2.2 Type II variation 
In this case, the Gmax along the core of the dam was kept 
unaltered while the Gmax along the shell was varied for 
each layer, one at a time. In other words, two layers were 
assigned uniform Gmax values identical to that of the core 
of the respective layers, whereas the Gmax for the shell 
portion of the remaining layer was varied from 70% to 
130% (increment of 10%, similar to previous case) of the 
core Gmax of the corresponding layer. This procedure was 
subsequently repeated for all the layers to understand the 
relative importance of accurately estimating the shear 
modulus of the shell along the height of the dam. 

 
Table-2 Gmax combinations used for Type-II variation 

 

Case % of 
core L1 L2 L3 

Type II L1 

70 91 190 230 
80 104 190 230 
90 117 190 230 

100 130 190 230 
110 143 190 230 
120 156 190 230 
130 169 190 230 

Type II L2 

70 130 133 230 
80 130 152 230 
90 130 171 230 

100 130 190 230 
110 130 209 230 
120 130 228 230 
130 130 247 230 

Type II L3 

70 130 190 161 
80 130 190 184 
90 130 190 207 

100 130 190 230 
110 130 190 253 
120 130 190 276 
130 130 190 299 

Note: Only the layer whose shell Gmax  is varied is marked in bold. 
L1=top layer; L2=middle layer; L3=bottom layer. 
 
3. Results and Discussion 
This section presents variations in the seismic response of 
the earth dams to earthquake excitations upon 
systematically altering the Gmax values of the dam shell. 
The peak crest acceleration was used as a measure of the 
seismic response of the structure in conjunction with the 
predominant frequency of the crest acceleration which 
provides a measure of the natural frequency of the 
structure. Figures 5 and 6 illustrates the peak crest 
acceleration recorded for the different combinations of 
shell Gmax and provides insight on the importance of 
accurate estimation of shear moduli profile within the dam. 
The analyses for Type I variation show a significant 

difference in the peak crest acceleration (for both the 
dams) when the shell is less stiff as compared to the core 
(Gmax of shell < Gmax of core) but is erroneously assigned 
the Gmax properties of the core (Gmax of shell = Gmax of 
core). The peak crest acceleration shows a rapid decline 
with decreasing stiffness of the dam shell.  
 
However, for the dam with side slope of 1.5:1 (Fig. 5), an 
increase in the shell stiffness (Gmax of shell > Gmax of core) 
did not cause significant change in the peak crest 
acceleration. Special attention should be focused on the 
trend of peak crest acceleration for Type I variation on dam 
with side slope of 3:1,when the shell is stiffer than the core. 
As illustrated in Fig. 6, the peak crest acceleration in this 
case, shows a substantial increase when the Gmax of the 
shell is 10% more than the Gmax of the core (Gmax of shell 
= 110% Gmax of core). The rationale behind this behavior 
could be explained by examining the frequency content of 
the crest acceleration. The predominant frequency of the 
crest acceleration was found to vary from 2.93Hz to 3.56 
Hz as the stiffness of the shell varied from 70% of core 
Gmax to 130% of core Gmax. It was observed that for Gmax 
of shell = 110% of core Gmax, resonance occurred at 3.39 
Hz, when the natural frequency of the structure was 
identical to the predominant frequency of the earthquake 
excitation. The resulting amplification effect is manifested 
in the higher peak crest acceleration values. Therefore, it 
could be reasonably concluded that the variation in shear 
modulus of the shell alters the natural frequency of the 
dam, which affects the peak crest acceleration/seismic 
response of the structure. 
 

  
Fig. 5 Peak crest acceleration for different Gmax 
combination used dam with 1.5H:1V side slope 

 
Different combinations of shear moduli for the crest and 
the shell lead to variation in the natural frequency of the 
structure. The combinations which cause the natural 
frequency of the structure to be close to the fundamental 
frequency of the input earthquake excitation, would affect 
resonance. Thus, similar error in estimation of shear 
modulus of the shell of the dam may not result in similar 
variation in seismic response of two different dams, as 
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highlighted in the comparison of the peak crest 
acceleration values for the dams with side slope of 1.5:1 
and 3:1.  
 
This research also offers insight into the relative 
importance of the horizontal layers in the analysis. The 
study lends credence to the fact that, irrespective of the 
dam geometry, an erroneous estimation of the shear 
moduli of the top layer(s) (1st layer in this case) may not 
have a considerable effect on the seismic response of the 
structure. However, as evidenced from Figure 5 and 6, an 
inaccurate assessment of the Gmax values of deeper layers 
(L2 and L3 layer in this case) would significantly influence 
the peak crest acceleration of the structure. 
 

 
Fig. 6 Peak crest acceleration for different Gmax 
combination used dam with 3H:1V side slope 

 
4. Conclusion 
Small strain shear modulus is an important parameter for 
seismic response analysis of an earthen dam. In-situ tests 
like SCPT or SASW provide information about the 
variation of Gmax of the core of the dam, since the tests are 
performed along the crest of the dam. Due to the difficulty 
in performing such tests along the slope of the structure, 
simplified assumptions are generally made regarding the 
Gmax of the shell. This study provides an insight on the 
possible error in seismic response analysis of an earthen 
structure when the earthen dam is approximated as a 
layered structure, where the shell of the dam is assigned 
the same Gmax as that of the core. 
 
Based on the findings of this study, it could be concluded 
that the Gmax of the shell affects the natural frequency of 
the structure and hence influences the response of the 
structure to seismic excitation. The effect was found to be 
significant when the predominant frequency of the 
earthquake excitation was similar to the natural frequency 
of the structure. If the actual Gmax combination of the shell 
and crest results in a close match between the natural 
frequency of the structure and the predominant frequency 
of the earthquake, approximating layered structure with 
Gmax profile obtained from in-situ test may underestimate 
the seismic response of the structure. However, if the 

layered structure approximation leads to near resonance 
condition for a particular seismic excitation, the seismic 
response may be overestimated, since the actual Gmax 
combination existing in field might result in a natural 
frequency different from that estimated from the layered 
structure. 
 
Hence for critical projects, it might be necessary to 
conduct laboratory tests on samples collected from the 
shell of the dam. Based on the observations of this study, 
samples for laboratory tests should preferably be collected 
from deeper layers of the dam. The effect of erroneous 
estimation of Gmax value near the top of the dam was found 
to be insignificant. A sensitivity analysis should be 
performed to have an understanding of the implication of 
making simplified approximation about the Gmax value 
along the shell of the dam. 
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